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ABSTRACT 

 

 

A PREDICTION METHOD ON THE POST-FAILURE PROPERTIES OF ROCK AND 

ITS APPLICATION TO TUNNELS 

 

 

 

Öge, İbrahim Ferid 

Ph.D. Department of Mining Engineering 

Supervisor: Prof.Dr. Celal Karpuz 

 

 

June 2013, 114 pages 

 

 

 

Due to special testing system requirements, data related to the post-peak region of the intact 

rock laboratory parameters are not as commonly available as pre-peak and peak- state 

parameters of stress-strain behavior.  For geotechnical problems involving rock mass in failed 

state around the rock structures, proper choice of plastic constitutive laws and post-failure 

input parameters is important for a realistic modeling and simulation of the failed state of the 

rock mass. 

 

A total of seventy-three post-failure uniaxial compression tests were conducted. Rock samples 

included in the testing program are chosen to represent rock types of different origin. Intact 

rock testing data provide parameters like modulus of elasticity and unconfined compressive 

strength. These results that are readily available from a regular testing program are processed 

and compared to the post-failure state stress-strain parameters defined as drop modulus, 

residual strength and post failure state dilatancy. Results are organized and processed based 

on the origin of rock types used in the investigation. For the estimation of post-failure state 

parameters in terms of pre-peak and peak state parameters, functional relations are provided 

based on regression analyses and fitting parametric.   

 

In order to utilize the post-failure parameters in a practical rock engineering case, extension of 

intact rock parameters to the rock mass is required. Estimation of rock mass parameters based 

on intact rock testing will lead engineers to make meaningful entries for numerical modeling 

programs such as FLAC3D.  

 

Relating the post-failure parameters to the rock mass behavior is another aim. Involving a 

calibration work here, stability analysis of an underground excavation model is presented. 

Hence, the post-failure deformability and strength parameters of the rock mass which are 

generally assigned by engineering judgment and experience can be estimated by the proposed 

relations. These will assist engineer to conduct more accurate and realistic numerical modeling 

in using programs like FLAC3D. Proposed empirical equations enable the user to conduct 
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detailed post-failure analyses. Considerable differences in results regarding the plastic zone 

extent and deformations are observed between the typical assumptions of post-failure modes 

like brittle, perfectly plastic, softening with Hoek-Brown and Mohr-Coulomb yield and plastic 

potential functions.  Right choice of applicable post-failure mode and its related parameters 

improves the accuracy of the estimation of tunnel deformations and support selection. 

 

Keywords: Post-failure stress-strain curve, drop modulus, rock mass behavior, tunneling, 

numerical modelling 
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ÖZ 

 

 

KAYANIN YENİLME SONRASI ÖZELLİKLERİ ÜZERİNE BİR KESTİRME YÖNTEMİ 

VE TÜNELLERDE UYGULAMASI 

 

 

 

Öge, İbrahim Ferid 

Doktora, Maden Mühendisliği Bölümü 

Tez Yöneticisi: Prof.Dr. Celal Karpuz 

 

 

Haziran 2013, 114 sayfa 

 

 

 

Özel deney sistemlerine olan gereksinimden dolayı, yenilme sonrası bölgeyle ilgili sağlam 

kaya malzemesi laboratuvar verileri,  yenilme öncesi ve yenilme gerilme-birim deformasyon 

davranışı kadar yaygın elde edilememektedir. Kaya yapılarının etrafındaki yenilmiş halde 

kaya kütlesi içeren jeoteknik sorunlar için plastik bünye denklemlerinin ve yenilme sonrası 

girdi verilerinin doğru seçimi, yenilmiş haldeki kaya kütlesinin gerçekçi modelleme ve 

simülasyonu için önemlidir. 

 

Toplamda yetmiş üç yenilme sonrası tek eksenli basma dayanımı deneyi yapılmıştır. Deney 

programına seçilen örnekler, değişik kökenlerden kaya türlerini temsil edecek şekilde 

seçilmiştir. Kaya malzemesi deneyleri, elastisite modülü ve tek eksenli basınç dayanımı gibi 

verilerin elde edilmesine yarar. Bu tür, hâlihazırda usule uygun deney programlarından elde 

edilmiş, sonuçlar düşüş modülü, artık dayanım ve yenilme sonrası dilatasyon açısı gibi 

yenilme sonrası gerilme-birim deformasyon verileri ile karşılaştırılmıştır. Sonuçlar, 

araştırmadaki kaya türlerinin kökeni temel alınarak düzenlenmiştir ve işlenmiştir. Elde edilen 

yenilme öncesi ve yenilme sonrası veriler kullanılarak, yenilme sonrası verilerin kestirimi için, 

regresyon çözümlemeleri temel alınarak işlevsel ilişkiler sağlanmıştır. 

 

Yenilme sonrası verilerin uygulamalı kaya mühendisliğinde kullanmak için sağlam kaya 

malzemesinin, kaya kütlesi verisi türünden ifade edilmesi gerekir. Kaya kütlesi ile sağlam kaya 

malzemesi verisinin ilişkilendirilmesi, mühendislerin FLAC3D gibi sayısal çözümleme 

programlarına anlamlı girdiler yapabilmelerini sağlayacaktır. Öte yandan, yenilme sonrası 

verilerin kaya kütlesi ile ilişkilendirilmesi bir diğer amaçtır.  Kalibrasyon modeli ile yeraltı 

açıklığının duraylılığı için yapılan uygulama çözümlemesi sunulmuştur. Bu nedenle, 

çoğunlukla mühendisin tahmini ve deneyimi ile kestirilen yenilme sonrası deformabilite ve 

dayanım verileri, önerilen ilişkiler ile saptanabilecektir. Bu ifadeler mühendisi FLAC3D gibi 

programları kullanarak daha hassas ve gerçekçi sayısal modelleme yapabilmesi için 

destekleyecektir. Geliştirilen ampirik denklemler detaylı yenilme sonrası analizler 
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yapılabilmesini sağlar. Mohr-Coulomb ve Hoek-Brown yenime ve plastik fonksiyonları ile 

gevrek, mükemmel plastik veya birim deformasyon yumuşaması tipik kabulleri gibi yenilme 

sonrası seçimler arasında yenilme bölgesi uzanımı ve deformasyon anlamında kayda değer 

farklar gözlemlenmiştir. Uygulanacak yenilme sonrası davranış tipi ve bağıntılı parametrelerin 

doğru seçimi, tünel deformasyonlarının ve destek seçiminin hassasiyetini iyileştirmektedir. 

 

Anahtar kelimeler: Yenilme sonrası gerilme-birim deformasyon eğrisi, düşüş modülü, kaya 

kütle davranışı, tünelcilik, sayısal modelleme 
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NOMENCLATURE 

 

σ1,deviatoric = major deviatoric stress 

σci = unconfined or uniaxial compressive strength 

σcr = unconfined or uniaxial compressive strength in residual state (residual compressive 

strength) 

σ = stress 

ε = strain 

σc = uniaxial compressive strength 

E/σc = modulus ratio 

ψ = dilatancy angle 

ϕ = internal friction angle 

dε1
p = major principal plastic strain increment 

dε3
p = minor principal plastic strain increment 

Q = rock mass quality 

Jn = joint set number 

Ja = joint alteration number 

Jr = joint roughness number  

Jw = joint water reduction factor  

SRF = stress reduction factor 

RSR = rock structure rating 

mi = constant of Hoek-Brown Failure Criteria “m” for intact rock 

s = constant of Hoek-Brown Failure Criteria 

a = constant of Hoek-Brown Failure Criteria 

GSI = Geological strength index 

D = disturbance (blast damage) factor in Hoek-Brown Failure Criteria 

Jv = volumetric joint count 

SCR = joint surface condition rating 

Vb = block volume 

Jc = joint condition factor 

σ′1 = maximum effective principal stresses 

σ′3 = minimum effective principal stresses 

e = exponential function 

cm = rock mass cohesion 

φm = rock mass internal friction angle 

sres = constant of residual Hoek-Brown Failure Criteria 

mb,res
  
constant of residual Hoek-Brown Failure Criteria for intact rock 

GSIres = GSI residual state value 

∆κs = tetrahedron shear-hardening increment 

∆εm
ps  = volumetric plastic shear strain increment, 

∆ε1
ps

 = maximum plastic strain increment  

∆ε3
ps

 = minimum plastic strain increment 

∆κt = tetrahedron tensile-hardening increment 

|∆ε3
pt

| = plastic tensile-strain increment 
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σcv3 = constant-volume confining stress 

ε3
p
 = plastic confining strain  

qu = unconfined or uniaxial compressive strength 

C0 = unconfined or uniaxial compressive strength 
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σcm = rock mass compressive strength 
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Epost = drop modulus 

E = modulus of elasticity (Young’s modulus) 

υ = Poisson’s ratio 
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ρ = density 

ε̇v
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  = plastic volumetric strain rate  

ε̇1
p
  = plastic axial principal strain rate 

∆εv
p
 = volumetric strain component  

∆ε1
p
 = axial principal strain component 

∆ε2   
p

 = lateral principal strain component 
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εax = axial strain 
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Dpf
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N∅  = friction factor 
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g plastic potential function 
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Erm = rock mass modulus (deformation modulus of rock mass) 

Dpfm = drop modulus of rock mass 

w/h = width to height ratio 

c′ = effective cohesion 

φ′ = effective internal friction angle 

K0 = horizontal to vertical stress ratio at rest 

σv = in-situ vertical stress 

σh = in-situ horizontal stress 

Ur = radial displacement in tunnel 



xviii 

 

Rt = radius of circular tunnel 

Lt = length of tunnel 

Dt = diameter of tunnel 

tp = plastic zone thickness from the tunnel boundary
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2                                                    INTRODUCTION 

 

 

 

2.1 General Remarks 

In order to design the support systems, necessary for maintaining the stability of an 

underground opening, empirical, analytical and numerical methods are widely used. The 

improvements in computer technology increased the use of numerical method based software 

in rock engineering projects. Numerical modeling becomes one of the essential part of the 

projects not only during the preliminary design stage but also in the advanced stages of projects 

such as support optimization, stope dimensioning. The true estimation of the input rock 

mechanical parameters, for numerical modeling is very important since it has direct effect on 

the output of numerical modeling. Therefore the most important issue on numerical modeling 

is the accurate estimation of rock mass and material properties. 

 

Pre-failure behavior of the intact rock and rock mass is widely investigated and well 

understood. Elastic deformability parameters are extensively used in projects on rock 

engineering. Implication of post-failure behaviour to the analyses is not detailed or accurate 

as implication of elastic behaviour. Better understanding and true and accurate implication of 

post-peak behaviour of the intact rock and rock mass increases the reliability of the input 

parameters since the output of the numerical modeling is directly related to the input 

parameters.  

 

2.2 Problem Statement 

In mining applications, safe and optimum design of supporting pillars is not only based on the 

peak pillar strength, but also on the post-failure behavior, particularly in coal mining and in 

mining of valuable ores in deep levels of underground mines.  Parameters related to the post-

failure portion of complete stress–strain behavior play major role in such design efforts. The 

best way for estimation of parameters related to the post-failure part of stress–strain behavior 

of supporting pillar elements is to conduct large scale in-situ compression tests on such pillars, 

(Jaiswal and Shrivastva, 2009).   

 

In-situ large scale complete stress-strain tests on relatively large rock blocks or on supporting 

structural pillars were conducted in the past by several researchers, (Bienawski, 1968a and 

1969, Cook et. al., 1971, Wagner, 1974 and Van Heerden, 1975).  However, large scale tests 

were not always practical and economical, considering that such tests were difficult to set up, 

time consuming, and rather expensive.  

 

In design of tunnels and the other underground excavations, common method of analyses 

nowadays involves the use of numerical modeling as an important part of the design procedure. 

Numerical modeling of critical-state structural problems for stress and deformation analyses 

requires the appropriate choice of constitutive laws for the stress-strain behavior.  Introducing
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 the constitutive laws to the models properly with accurate values of the related input 

parameters representing the elastic and post-failure states increases the quality of the results 

for an appropriate modeling of the rock mass surrounding the problem region.  

 

Numerical modeling programs commonly used in geological engineering, rock engineering, 

and geotechnical engineering applications require input parameters for the pre-failure state, 

peak-failure state or yield state, and post-failure state response of the ground around the 

structure. For peak-failure state or yield analyses, numerical modeling programs ask the user 

to choose the appropriate yield function to represent the peak failure sate. Yield function 

choices like Mohr-Coulomb, Drucker-Prager and Hoek and Brown are commonly available in 

the input modules of the programs. In a design process or modeling analysis focusing on the 

elastic and peak-failure states only, factor of safety and displacement distributions are 

provided in the results based on the choice of the yield function. 

 

Stress and deformation modeling of post-failure state requires parameters related to the 

constitutive laws of plasticity and strain softening. Residual strength is either directly 

requested or related strength parameters represented by residual cohesion and internal friction 

angle, and dilatancy angle are requested as input, (Phase2 of Rocscience Inc., 2012). Finite 

difference program FLAC requires the definition of the functional forms related to the decay 

of cohesion, friction angle and dilatancy angle with the increasing plastic strain and post-

failure deformations around the structures, (Itasca, 2005).  Plastic state is characterized by a 

dilatancy angle input requested in Plaxis program for the Mohr-Coulomb yield state, (Plaxis, 

2010). 

 

Thus, treating these zones with care in the analyses has direct effect on the exactness of the 

results. Although a complete stress-strain curve including elastic and plastic behavior can be 

obtained, practical rock engineering focuses on elastic (pre-failure) and peak strength data 

directly from the laboratory or in situ tests. In-situ testing, especially for determination of post-

failure properties, is high cost, requiring long time, necessitates appropriate space in 

excavation, qualified personnel and high quality devices. Experiments may sometimes be 

interrupted by improper deflections of testing equipment or failure of test set-up. At such cases, 

back-analysis with available extensive measurements, carrying wide laboratory testing 

program and use of detailed numerical modeling may enable the engineer to gather data about 

post-failure behaviour and parameters of the rock mass. Although it is possible for a long time, 

in conventional projects, laboratory determination of post-failure parameters are not preferred 

to be measured due to the requirement of high quality, expensive testing devices and being 

time consuming. These difficulties led engineers to impose their experiences and judgements, 

not based on direct measurements or proposed estimations, when the post-failure parameters 

of intact rock or rock mass are needed. 

 

2.3 Objectives of the Study 

Estimation of strength and deformation characteristics belonging to the rock masses is 

necessary for analysis of underground excavations. The Hoek-Brown failure criterion is 

widely used and there are numerous applications all around the world. Hoek-Brown failure 

deals with the rock mass strength by means of peak state but, there are comparatively less 

research in the literature on post-failure. 
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The aim in this study is to develop relations between pre-failure rock parameters that are 

conveniently available from simple testing to post failure strength and deformability 

parameters of various intact rock of different origin. Unconfined compression tests are 

conducted on different rock types and complete stress-strain curves are tried to be followed 

till a clearly defined state of residual strength is reached. A stiff testing system equipped with 

servo-hydraulic closed-loop electronic and hydraulic systems is employed to catch the entire 

stress-strain behavior. Not all tests can be considered successful in this sense, considering the 

complex internal structure of the rock material. Depending on the origin of the rock specimen, 

obtaining a clear post failure portion and a well-defined residual state is not always easy. This 

problem is tried to be minimized by conducting large number of tests and individual averaging 

of the post failure properties within each rock type group. Then, using the average values of 

related parameters for eight rock type group, plots of parameters or combination of some 

parameters against each other are generated. Functions are fitted to the curves in the plots and 

parametric equations are proposed to relate pre-failure and peak-state parameters to post-

failure state parameters. 

 

Due to the brittle nature of rocks, determination of dilatancy is difficult under unconfined 

loading conditions. Work related to dilatancy under unconfined conditions is rare. Estimation 

of dilatancy is important for investigating the stability of free faces of excavations like tunnels 

and slopes. Since the excavation boundaries are free faces, unconfined loading is a typical case 

in rock engineering problems and post-failure compression tests on intact rock were conducted 

in uniaxial compression for thesis work. 

 

In order to utilize the post-failure parameters in a practical rock engineering cases, converting 

intact rock parameters to rock mass parameters is required. Thus, relating the post-failure 

parameters for the rock mass is another important aim of the research. Previously postulated 

expressions for post-failure or residual state strength is applied from the studies of previous 

researchers. In adjustment of rock mass post-failure deformability characteristics, previously 

proposed expressions by other researchers were modified and new expressions were found for 

this purpose. 

 

The post-failure deformability and strength parameters which are mostly determined by 

engineers’ judgment and experience can be estimated based on the research in the thesis. 

 

FLAC3D is a finite difference numerical analysis program for geomechanics. This program 

can handle detailed post-failure analysis for application of the data obtained by the proposed 

methods in thesis work. Utilization of FLAC3D program led presentation of a typical stability 

analysis of an underground excavation with post-failure analysis.  

 

2.4 Research Methodology 

Eight groups of rock were subjected to post-failure uniaxial compression testing. Strength and 

deformability parameters were interpreted and all available data were collected. Obtained data 

were utilized in order to obtain relations between commonly used rock mechanics parameters 

to post-failure parameters. Regression analyses enabled that link for intact rock. 
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Following that a link between intact rock parameters to adjusted rock mass parameters for 

post-failure state is tried to be established by using and modifying mathematical relations 

postulated previously by several researchers. 

 

After establishing the rock mass adjustment of the post-failure parameters, a typical stability 

analysis is presented. In the application, analysis of an underground excavation via FLAC3D 

is presented. 

 

2.5 Thesis Outline 

 

Following the introductory chapter, a literature survey on pre and post failure behavior of the 

rock is presented in Chapter 2. Rock mass classifications, especially Geological Strength Index 

(GSI) is explained in detail which is used incorporated with Generalized Hoek-Brown failure 

criterion which enables adjustment of rock mass parameters from intact rock parameters. A 

review on numerical analysis and computer program Itasca FLAC3D (Itasca, 2006) with a 

particular reference to post-failure analysis is presented in Chapter 2. 

 

In Chapter 3 pre and post-failure deformability and strength parameters were introduced and 

explained in detail which were used in the study. Information on experimental work and rock 

sample groups were explained. After providing the details of interpretation of the experimental 

findings, results and discussion on the regression data are presented in the chapter. 

Mathematical relations are presented and discussed which are used for estimation of pre and 

post-failure deformability and strength parameters of intact rock. 

 

After developing the relations used in estimation of post-failure characteristics of intact rock, 

rock mass adjustment were tried to be accomplished in Chapter 4. Conversion of intact rock 

parameters to rock mass parameters were established by using and modifying mathematical 

relations postulated previously by several researchers. Field data reported by several 

researchers were used for verification of the work. 

 

In Chapter 5, a basic underground excavation numerical model is constructed with a 

calibration model. In the application, post-failure deformability and strength data were used in 

FLAC3D deformation and stability analysis. This application represents a typical guide to 

utilize the findings of the thesis work. 

 

Chapter 6 involves conclusions and recommendations on the thesis study and presents main 

findings. 
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3                                  PRE AND POST FAILURE OF ROCK 

 

 

 

3.1 Rock Material Behaviour and Characteristics of Complete Stress-Strain Response 

With the development of stiff testing machines in sixties and seventies, it became possible to 

obtain information about the post-peak failure state parameters of rocks of especially highly 

brittle nature. Rock testing with these testing machines provided the complete stress-strain 

curves under compression.  Then, it was possible to process and use the previously unknown 

information on the behavior of rocks under compression at the post-peak failure state. 

  

For some rock engineering problems, properties related to post-peak state part of the stress-

strain behavior are important. Hudson and Harrison (1997) pointed out that in situ, the high 

stresses that can lead to the material entering the post-peak region either occur directly, as a 

result of excavation, or indirectly at the corners and edges of rock blocks which have been 

disturbed by the process of excavation.  Estimates of the strength and deformation 

characteristics of rock masses are required for the analysis of underground excavations 

(Crowder and Bowden, 2004). Formation of plastic or post-failure state regions around 

underground structures is sometimes unavoidable; design procedures and supporting systems 

are then to be modified considering the existence of these regions. 

 

Throughout deformability behaviour can be best represented by stress-strain curves. Goodman 

(1989) represented a complete stress-strain curve for a typical rock specimen under uniaxial 

deformability behavior rock material can be represented by stress-strain curves. Complete 

stress-strain curve involves the coverage of deformation response regarding the post-failure 

state too. Goodman (1989) discussed mechanisms involved at different stages of a typical 

complete stress-strain curve for a rock specimen under uniaxial loading. Axial stress versus 

axial strain response is illustrated in Figure 1 in terms of stress deviator and corresponding 

strain.
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Figure 3.1 Illustration of typical complete stress-strain curve under uniaxial loading (modified from 

Goodman, 1989) 

Several researchers (Goodman, 1989, Jaeger et al., 2007, Vermeer and de Borst, 1984) 

commented on the characteristics and nonlinear mechanisms of deformation response 

regarding different regions of complete stress-strain curve of a rock sample under compressive 

loading. Five regions and one peak failure state point are identified in Figure 1. Mechanisms 

dominating different regions and the peak-state are summarized below. 

  

The curve is slightly concave up in region I.  Open fissures, cracks, pores and other defects 

begin to close; these are the first evidences of nonlinearity in the curves. Rock sample seems 

to be more deformable indicated by a low slope of stress-strain curve. However, loading-

unloading shows no significant global indication of irreversible changes in the internal 

structure. 

 

Region II commonly shows characteristics of nearly linear portion as an indication of linear 

elastic behavior. Loading-unloading results in no significant irreversible changes that are 

reflected as permanent strain in the horizontal axis. Tangent modulus of elasticity is commonly 

defined and computed from the slopes of tangents assigned to certain levels of the curves in 

this region. In this work, the symbol Ei represents the tangent modulus of elasticity of the intact 

rock computed at 50% of the peak stress level of the curves. 

 

Region III is around stress levels above fifty percent of the maximum and covers the curves 

up to the peak-failure state or yield point. Major crack formation with a stable propagation 

state is characteristic of this region. Cracks grow to a finite length with stress increments and 

stop there and repeat the same at the next increment of the axial stress.  Irreversible changes 

in the internal structure of the rock occur within the region. Pre-peak plasticity or ductile 

deformation state associated with significant nonlinearity in the curves starts here. The rock 

can sustain further permanent deformation without losing load-carrying capacity. This state is 

the beginning of dilatancy which is the volume increase dominated by the lateral expansion of 

the sample.   
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Peak-failure state is at the yield point where the slope of the curve decreases to zero.  This 

maximum stress point is marked as point C in Figure 1.  At this point unstable crack 

propagation starts, and cracks intersect each other and they start forming a major failure plane 

reaching the boundaries of the specimen. If the testing system is not stiff the test will be 

terminated by a violent explosion of the brittle samples at this point. In uniaxial testing, this 

point corresponds to the unconfined or uniaxial compressive strength (UCS or σci) of the rock 

on the stress scale.   

 

Different names exist for the description of Region IV like post-failure state, plastic state, post-

peak state and strain-softening or hardening region, (Figure 3.1). In this state slope of the curve 

is negative for the softening behavior. Material loses its ability to resist or sustain load with 

increasing deformation or strain. Region IV is characteristics of brittle behavior in which 

material loses its load resisting ability with increasing deformation. This part of the stress-

strain curve is usually obscured by the instability of machine-specimen system (violent failure) 

and mechanisms controlling this are discussed in Jaeger et al.  (2007). Here, cracks propagate 

to the boundaries of the sample, and system of intersecting and coalescing cracks in an unstable 

manner form a fault or failure surface. Brittle failure was identified to exhibit an abrupt post-

peak drop in stress on the stress–strain by Zheng et al., (2005) and Tiwari and Rao (2006). In 

brittle failure type, when a point in a stress space is loaded from its initial elastic state to the 

peak strength, stress will drop abruptly to the residual strength. In strain softening or strain-

weakening failure type, sudden decrease of strength is not observed as illustrated in Figure 

3.2. A gradual decrease of strength till residual state with a finite slope is typical for this failure 

type, (Zheng et al., 2005, Tiwari and Rao, 2006). 

 

Here, rock material volume starts to increase at a higher rate. Dilatancy develops in the 

negative sense corresponding to expansion of the rock sample being tested. As a result of large 

lateral expansion compared to axial shortening, material volume can be more than the original 

volume compared to the volume in the beginning of the loading.  

 

In Region V, rock material reaches its residual state and deformations on existing cracks goes 

on under a constant level axial stress. An exactly constant stress level corresponding to the 

residual strength state σcr may not always be attained clearly. However, rate of stress fall of 

softening part decreases here, and a tendency to reach the residual state is sensed following 

the flattening of the curve.  

 

In order to identify and simplify the related characteristic parameters of that particular portion, 

stress-strain curves can be idealized in the form of lines. Such idealizations can be observed 

in the work of other researchers like Vermeer and de Borst (1984), Crowder and Bowden 

(2004), Alejano et.al (2009) and Zhao and Cai (2010). Figure 3.2 shows linearized 

representations for pre-peak and various post-peak material behaviors. 
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Figure 3.2 Linearized sketches of different parts of stress-strain curves for several post failure modes 

 

3.2 Background Related to the Pre- and Post- Failure Bevaviour of Rocks 

In addition to conventional stress-strain testing in the laboratory, there are other simple tests 

for the estimation of pre-failure deformability and yield strength properties of rock. Parametric 

expressions for the estimation of these parameters are commonly available in the literature. 

Proposed expressions are based generally on the results of index tests like point load test, 

Schmidt hardness test, sound velocity test and impact strength test. Kahraman (2001) 

compared the correlations of UCS with the results of predictions based on indirect index tests 

conducted by numerous researchers. Yağız (2009) proposed correlations for the estimation of 

elastic modulus and UCS based on the results of Schmidt hardness tests on some sedimentary 

rock types. Although there is considerably more work on index tests for correlation of strength 

and pre failure deformability parameters, there is a lack of efforts for the estimation of post 

failure deformability parameters from the pre-failure parameters. 

 

Palchik and Hatzor (2004) determined the uniaxial compressive strength, point load strength, 

and indirect tensile (Brazilian) strength of a porous chalk formation and studied how porosity 

influenced the magnitudes of these properties as well as relationship between these mechanical 

properties and porosity. 

 

Palchik (2012) used sixty carbonate rocks to investigate the connection of porosity, elastic 

constants and stress-strain curve parameters with the type of the volumetric strain curve.  

Relations were found between crack damage stress, elastic modulus, modulus ratio (E/σc), 

porosity and maximum total volumetric strain. 

 

Reported results are not so common for the estimation of post-failure parameters.  Research 

on post-failure behavior of rocks usually concentrates on success of tests on certain brittle rock 

types; purpose is to trace the post-failure portion of stress-strain curve in the brittle region till 

a clearly defined residual state is observed. Interpretation of the volumetric strain behavior and 
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the deformation mechanisms dominating the sudden release of energy in the post-failure 

region is the aim in general.  

 

Abdullah and Amin (2008) conducted compression tests on sandstones with a conventional 

and a servo controlled stiff compression machine. They concluded that a violent failure was 

not the intrinsic characteristic of a rock, but rather due to the rapid release of strain energy in 

the loading parts of the compression testing system when sample reached its peak strength. 

Stiff compression machines were found to be necessary in order to obtain post failure curve of 

the rocks. 

 

Li et. al. (1998) developed model simulations of nonlinearities of deformation behavior. 

Nonlinearities caused by crack closure, propagation, and friction on crack surfaces were 

reflected as changes in Young’s Modulus in the pre-failure part of the stress-strain response. 

An apparent modulus similar to the secant modulus used in the next sections of this work was 

claimed to be one of the quantitative measures for the crack-based nonlinear deformation 

response.   

 

Joseph and Barron (2003) assumed a second degree polynomial functional form to express a 

conceptual apparent friction in terms of post-peak strain. This concept with its associated 

quadratic form for the falling portion of the stress-strain curve related the post-failure apparent 

cohesive and frictional characteristics of the rock to the strain. They used tri-axial, direct shear 

and simple tilt tests to construct peak, residual and base strength criteria envelopes for limited 

number of rock types like mudstone, siltstone and coal. Then, they developed a strain-

softening constitutive relationship that described post-failure stress-strain curve for rock. 

However, form of the softening curve is inherently limited to a quadratic form based on the 

initial assumption.  

 

Vermeer and de Borst (1984) emphasized the need for a non-associated plasticity theory for 

softening behavior of sand, concrete and rock. The theory was based on the dilatancy concept 

which was described as the change in volume with shear distortion of an element in the 

material. Dilatancy angle ψ was accepted to be a suitable parameter for characterizing a 

dilatant material. For cemented granular materials, degradation of cohesion was postulated to 

follow increasing inelastic deformation; plastic deformations tended to localize in shear bands 

even before peak strength was reached. For the softening behavior, a non-associated flow 

potential was suggested by Vermeer and de Borst (1984). Non-associated flow rule potential 

function resembles the yield function, but it involves a dilatancy angle instead of a friction 

angle ϕ. A plastically volume-preserving material of zero dilatancy gives a different response 

upon loading than a material which exhibits plastic dilation controlled by ψ.  They commented 

that for granular soils, rocks and concrete, dilatancy angle was significantly smaller than the 

friction angle; dilatancy angle was at least 20° smaller than the internal friction angle. 

 

Medhurst and Brown (1998) reported the complete stress-strain test results of triaxial 

compression experiments on relatively large-scale coal samples of varying diameter with a 

range of dimensions from 61 to 300 mm. The volumetric strain behavior was found to be 

independent of scale after some threshold sample size.  Interpretation of results in the post 

failure region was carried out in terms of the gradient of the principal plastic strain increment 

vector dε1
p/dε3

p.  Lateral expansion was treated as negative. Volumetric strain versus axial 
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strain responses illustrated decreases in sample dilation with increasing confining pressure. 

Plastic volumetric strain increments were inversely proportional to confining pressure.  

Gradient values of plastic strain increment vector varied from approximately -0.2 to -1.  At 

low confining pressures, lateral expansion strain increments were about five times higher than 

axial strain increments corresponding to approximate lower end -0.2 of the gradient. The value 

dε1
p/dε3

p=-1 represented a physical limit at which perfectly plastic state and zero volume 

change occurred.  

 

Alejano and Alonso (2005) reinterpreted the post failure test results of previous work of 

several researchers, including the tests results of Medhurst and Brown (1998).  High lateral 

strain increments at low confining pressures were found to indicate high dilatancy angles like 

50° to 55°. This finding was not completely in agreement with some results of Vermeer and 

de Borst (1984).  Alejano and Alonso (2005) showed that the dilatancy angle decreased with 

increasing confining pressure.  Peak dilatancy angle value decreased with increasing plastic 

strain. They proposed a model to estimate peak dilatancy angle for a given confining stress 

level and  dilatancy angle decay in line with plasticity. 

 

Arzúa and Alejano (2013) conducted servo controlled triaxial compression tests on three types 

of granites. From the stress-strain plots drop modulus of the post-failure portion and dilatancy 

angles  were computed. Dilatancy angle was represented as a function of confining pressure 

and plastic strain.  Uniaxial compressive strength of the granites had a range of 75 to 145 MPa 

with dilatancy angles between 50° to 60°. Authors reported that under uniaxial compression 

with the absence of confinement, there was a lack of findings due to the extremely brittle 

nature of the rock samples in the press: the rock crushed in an explosive manner, splitting the 

sample into fragments.  

 

Zhao and Cai (2010) presented literature and observations on rock dilatancy and mentioned 

the importance of true implementation of dilatancy to the models. They proposed a dilatancy 

model as a function of confining stress and plastic strain. Again, the higher the confining stress, 

the lower was the dilatancy angle.  With increasing plastic strain, dilatancy angle decayed. 

However, peak dilatancy angle values greater than 70° were reported under low confining 

stress levels. The proposed dilatancy angle model was subjected to numerical analysis and 

verification was done. 

 

So far, it is discussed that non-associated flow rule is more appropriate for characterizing the 

softening behaviour of rocks and  some other material like sand and concrete. Dilatancy angle 

is an important parameter in the plastic constitutive laws to relate strain and stress increments. 

Dilatancy angle can attain quite high values; values can even be greater than internal friction 

angle of the material. This highly dilatant behavior is more obvious under low confining stress 

or under unconfined conditions.  

 

Since the behaviour of rock mass and intact rock considerably differs from each other, 

understanding of the rock mass behaviour has a crucial importance in rock engineering 

structure. There are estimations for determination of rock mass strength or conversion 

procedures from intact laboratory data to field strength data. Rock mass classifications enable 

necessary data when the information is limited. Also, field tests in rock mechanics history 

enabled researchers to generate estimations relating intact rock and rock mass. Bienawski 
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(1968a and 1969), Cook et al. (1971), Wagner, (1974) and Van Heerden (1975) studied coal 

pillars in South African coal mines. These studies arouse from need for determination of pillar 

strength in South African coal mines. Van Heerden (1975) discussed three different test setups 

for in-situ testing of coal pillars in Figure 3.3. Van Heerden (1975) used similar equipment 

with the older studies but in a developed setup which enables consistency and stability in 

loading. Abovementioned studies have no interrelation with rock mass classification systems. 

They are mostly concentrated on width, height and other dimension properties as a common 

procedure in pillar design. 

 

Figure 3.3 (a) Stress-controlled loading of coal specimens (after Bieniawski, 1968), (b) Method of 

uniform-deformation loading (after Cook et. al., 1971), (c) Modified uniform-deformation loading 

(after Van Heerden, 1975) 

 

Wagner (1974 and 1980) obtained a complete stress strain curve and represented the interior 

stress state for a square cross-section pillar having 2 m width and 1 m height, (Figure 3.4). 

Wagner (1980) commented on the size of load bearing percentage of the pillar denoted by 

effective pillar width and gave estimates for determination of pillar and roof strength. 
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Figure 3.4 Stress profiles through a coal pillar measuring 2 m in width and 1 m in height at various 

stages of pillar failure (after Wagner 1980) 

 

Cook et al. (1971) used a jacking system having a capacity of 100 MN for testing coal pillars. 

Complete stress-strain curves are obtained. Some disadvantages of older test methods were 

mentioned like Bienawski’s study in 1968. 

 

Figure 3.5 represents one of the results of the Cook et al.’s test work. A complete load-

compression can be observed. 
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Figure 3.5 Stress-compression curve for pillar 125 cm x 104 cm x 170 cm high using 9 jacks (after 

Cook et al., 1971) 

All experiments carried out by Cook et al. (1971), ended with reaching residual state within a 

displacement of 2 cm. Residual strength of yielded pillars are concluded to be sufficient for 

supporting the roof and data is beneficial for the yielding pillars while retreating in the pillar 

supported longwall mining. 

 

As mentioned before, Van Heerden (1975) improved the test setup and tested 10 large coal 

specimens. Specimens had an approximate width of 1.4 m and had different width/height 

ratios. Strength and post-failure (drop) modulus values corresponding to several width/height 

ratios were reported in their study and detailed information about Van Heerden’s work (1975) 

can be found in Chapter 4. 

 

Jaiswal and Shrivastva (2009) simulated 14 coal pillars by numerical analysis in Indian coal 

mines. The authors used a three-dimensional finite element method (3D FEM) code written 

by them to study the stress–strain behaviour of coal pillars. They obtained post-failure 

characteristics (drop modulus) by back calculation and they commented on the consistency of 

field data and simulation results. 

 

The field measurements and studies conducted by Van Heerden (1975) and Jaiswal and 

Shrivastva (2009) were used in the thesis study for relating intact and rock mass post-failure 

characteristics and more details are given in Chapter 4. 

 

Back analysis is the most preferable method for accurate determination of residual strength 

parameters of the rock mass but it cannot be available at all time. The study of Crowder et al. 

(2007) is an example for determination of post failure parameters of a rock mass by back 
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analysis. Residual strength parameters were determined by utilizing an extensive back 

analysis. Crowder et al. (2007) made use of SMART (Stretch Measurement to Assess 

Reinforcement Tension) cable bolt data through numerical back analysis for interpretation of 

post-failure rock mass properties. The cable bolt tension data is recorded by SMART cable 

bolt equipment and Generalized Hoek-Brown parameters of the footwall rock mass at the 

Williams Mine had been well researched for that kind of back analysis. By using high quality 

instrumentation and monitoring can help with the estimation of the post-peak (post-failure) 

rock mass parameters required for a further comprehensive analysis. Since the strength and 

elastic properties are well known for the rock mass, only unknown is the post-failure properties 

to be estimated. Field measurements and laboratory test data are used in the numerical analysis 

and post failure parameters are tried in order to obtain field measurements. They used Phase2 

finite element program in the study by assuming a brittle drop to residual properties for rock 

mass, not strain softening. This is a simplification that if strain softening approach were 

assumed to be valid for the model since there can be infinite range of post-failure stress-strain 

paths then there would be infinite back analysis results. 

 

 

3.3 Empirical Approaches for Determination of Rock Mass Behaviour: Rock Mass 

Classification Systems and Generalized Hoek-Brown Failure Criterion 

Terzaghi (1946) is the pioneer for purposing of rock mass classification for design of tunnel 

support and several researchers followed him. 

 

Lauffer (1958) related to the rock mass quality to excavations by introducing “the stand-up 

time” and “unsupported span” concepts. 

 

The Rock Quality Designation index (RQD) was developed by Deere et al. (1967) to provide 

a quantitative estimate of rock mass quality from drill core logs. RQD is defined as the 

percentage of intact pieces longer than 100 mm in total length. 

 

Wickham et al. (1972) introduced a quantitative concept based on rock structure rating (RSR). 

It mainly refers to the rock structure quality and related to ground support in tunnelling. But 

their rating system has been implemented subsequently in other classification systems. The 

rating system of RSR involves many parameters to be considered in rock engineering and their 

effect on the rock mass behavior is evaluated together, (Bell, 1999). 

 

Bieniawski (1973) proposed an advanced rock mass classification system. Main parameters 

considered are: RQD; uniaxial compressive strength; degree of weathering; discontinuity 

spacing, orientation, separation and continuity; and groundwater condition. In that version, 

roughness of joint surfaces and infill material behavior were not considered. Whether the rock 

mass is weak or contains small number of joints or massive, uniaxial compressive strength of 

the intact rock has a direct effect on the strength and deformation of the rock engineering 

structure. If structurally controlled failure or behaviour is not predicted, it is still important. 

Degree of weathering has an effect on uniaxial compressive strength of the intact rock and a 

parameter affecting the strength. Thus, the parameters are interrelated. Bieniawski (1974) 

modified his work and placed a new parameter: the strength of the rock material by combining 

these two separate parameters. The point load test was also utilized in order to determine the 

intact strength on site, practically. 
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The presence of discontinuities considerably affect the rock mass strength and their spacing 

and orientation alters the reduction amount. When the performance of rock structures 

constructed in the jointed rock masses are considered the spacing and orientation of the 

discontinuities are critically important. Bieniawski (1973) utilized Deere’s (1968) proposal on 

the classification of discontinuity spacing. 

 

After abovementioned developments and studies, Bieniawski (1983, 1989) finally classified 

five main properties of the rock mass: strength of intact rock material, drill core quality (RQD), 

spacing of discontinuities, condition of discontinuities and groundwater condition. These five 

classes are considered to be enough to satisfy a representative characterization of the rock mass 

properties. Since these parameters have different influence on overall rock mass behavior, each 

parameter treated with a different weighted value with respect to their individual influence on 

the overall rock structure and behavior. After the identification of each parameter, a total value 

can be found by summation of each parameter and greater rating value represents a rock mass 

with better class. 

 

Barton et al. (1975) introduced the concept of rock mass quality, Q, involves six parameters: 

 

Q =
RQD

Jn
×

Jr

Ja
×

SRF

Jw
         (3.1) 

 

Where; 

 

RQD, rock quality designation represents the degree of jointing and discontinuities in the rock 

mass. 

 

Joint set number, Jn, gives an approximate measure of relative block size when used in the 

form of RQD/Jn. The ratio gives maximum, 100/0.6 and minimum, 10/20 values. 

 

In order to identify joint conditions, Ja (joint alteration number) and Jr (joint roughness number) 

were introduced. The ratio Jr/Ja gives a quantification on shear strength of the discontinuities 

in the rock mass. 

 

The joint water reduction factor, Jw, considers either the groundwater pressure or inflow 

amount. 

 

The stress reduction factor, SRF, is a parameter representing the squeezing conditions, faults 

or weak zones, in-situ stress conditions. 

   
 

There are numerous rock mass classification systems and Karahan (2010) tabulated the major 

rock mass classification systems and presented on the Table 3.1 with updates. 
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Table 3.1 Major rock mass classification systems (modified from Karahan, 2010) 

Rock Mass Classification System Originator Country of 

origin 

Application Areas 

Rock Load Terzaghi, 1946 USA Tunnels with steel 

support 

Stand-up time Lauffer, 1958 Australia Tunnelling 

New Austrian Tunnelling Method 

(NATM) 

Pacher et al., 1964 Austria Tunnelling 

Rock Quality Designation (RQD) Deere et al, 1967 USA Core logging 

Rock Structure Rating (RSR) Wickham et al., 1972 USA Tunelling 

Rock Mass Rating (RMR) Bieniawski, 1973 (last 

modification 1989) 

South Africa Tunnels, mines, 

slopes, foundations 

Modified Rock Mass Rating (M-

RMR) 

Ünal and Özkan, 1990 Turkey Mining 

Rock Mass Quality (Q) Barton et al., 1974 (last 

modification, 2002) 

Norway Tunnels, mines, 

foundations 

Strength-Block size Franklin, 1975 Canada Tunnelling 

Basic Geotechnical Classification ISRM, 1981 International General 

Rock Mass Strength (RMS) Stille et al., 1982 Sweden Metal Mining 

Unified Rock Mass Classification 

Systems (URCS) 

Williamson, 1984 USA General 

Communication 

Weakening Coefficient System 

(WCS) 

Singh, 1986 India Coal Mining 

Rock Mass Index (RMi) Palmström, 1996 Sweden Tunnelling 

Geological Strength Index (GSI) Hoek and Brown, 1997 (last 

modification, 2000) 

Canada Tunnels, mines, 

slopes, foundations 

Quantification of Geological 

Strength Index (GSI) chart 

Sonmez and Ulusay, 1999 and 

2002 

Turkey Tunnels, mines, 

slopes, foundations 

Quantification of Geological 

Strength Index (GSI) chart 

Cai et al., 2003 Japan Tunnels, mines, 

slopes, foundations 

 

 

3.3.1 Geological Strength Index (GSI) and Generalized Hoek-Brown Failure Criterion 

The original Hoek-Brown failure criterion was developed in order to provide input strength 

and deformability parameters for the design of underground excavations. The importance of 

Hoek-Brown failure criterion was to link the mathematical relation to geological facts. In 

1980s there were no appropriate way to estimate and quantify rock mass strength. Bieniawski’s 

RMR system had been used commonly by rock engineers at that time and it is accepted as the 

basic parameter for geological input for Hoek-Brown failure criterion. The studies were 

concentrated mainly on proposing a dimensionless equation which has parameters related to 

the structural geologic conditions. Since 1990s it was realized that Bieniawski’s RMR has 

some deficiencies in application of very poor quality rock masses then, a need for a new 

geological input parameter became obvious. The idea of less numbers but high influence of 
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geological impression arouse which results in postulating the Geological Strength Index, GSI. 

The index still being developed as the major tool for geological data provider for the Hoek-

Brown criterion, (Hoek and Marinos, 2007).  

 

Hoek, et al. (2002) revised Hoek-Brown criterion. The mathematical expressions are 

regenerated between the parameters: “m, s, a and GSI”. D, blast damage parameter is added 

to the new equations. This version is currently being used and details are explained in Hoek, 

et al., (2002). 

 

3.3.1.1 Geological Strength Index (GSI) 

GSI is an important parameter that enables Generalized Hoek-Brown failure criterion to be 

used for representing the strength of the rock mass. Then, an engineer will have a failure 

criterion for numerical modeling or limit analysis, etc. The chart for estimating GSI value is 

illustrated in the Figure 3.6. 
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Figure 3.6 Geological Strength Index Chart (Hoek and Marinos, 2007) 

 

Hoek and Marinos (2000) developed a chart for estimating GSI rating for heterogenous rock 

mass such as Flysch shown of Figure 3.7. 
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Figure 3.7 Chart for estimating GSI rating for heterogenous rock mass such as Flysch (Marinos and 

Hoek, 2000) 

 

3.3.1.2 Quantification of GSI Chart 

The nature of rock mass classification systems and also GSI rating have some problems. GSI 

charts are based on visual impression and the experience of the engineer. Thus, different rock 

mass classification estimates may be found by different engineers on the same rock mass. 

Sonmez and Ulusay (1999 and 2002) modified the GSI chart to decrease engineers’ bias. The 

modified and quantitative GSI chart is illustrated on the Figure 3.8.  
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Figure 3.8 The modified quantitative GSI chart (Sonmez and Ulusay, 2002) 

This modified and quantitative GSI chart considers two terms namely, “structure rating, SR” 

based on volumetric joint count (Jv) and “joint surface condition rating, SCR”, estimated from 

input parameters (e.g., roughness, weathering and infilling) as shown. 

 

More recently, Cai et al. (2003) also suggested an approach for the GSI system building on the 

concept of block size and conditions. Their resulting approach adds quantitative measures to 

the system. This GSI chart shown in Figure 3.9 considers quantitative block volume (Vb) and 

the descriptive joint condition factor. Block volume is suggested for three or more joint sets 

and with an assumption of prismatic blocks. This situation causes a limitation in the estimation 

of Vb for blocks with different geometries which was also emphasized by Palmstrom (1995) 

and Sonmez and Gökçeoğlu, (2004). 
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Figure 3.9 Quantification of GSI chat by Cai et. al. (2003) 

 

3.3.1.3 Generalized Hoek-Brown Failure Criterion 

The Generalized Hoek-Brown failure criterion for jointed rock mass is given below: 

σ′
1 = σ′

3 + σci (mb
σ′

3

σci
+ s)

a

         (3.2)  

Where 

σ′1 and σ′3 are the maximum and minimum effective principal stresses at failure 
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“mb” is the value of the Hoek-Brown constant “m” for the rock mass, This parameter can be 

considered similar to the friction angle in the Mohr-Coulomb criterion. 

 

“s” is the parameter of the Gen. Hoek-Brown criterion and this cohesive parameter varies 

between 0 and 1. It is 1 for intact rock and 0 means cohesionless material. 

 

“a” is another parameter essentially controls the curvature of the Gen. Hoek-Brown failure 

envelope, especially at low confining stresses. 

 

“σci“ is the uniaxial compressive strength of the intact rock. This parameter is a fixed constant 

and introduced for normalization purposes. 

 

The following equations based on GSI (Hoek et. al., 2002) are going to be used to calculate 

mb , s, and a are the constants of rock mass. Here mi value is obtained from triaxial compression 

tests conducted on intact core specimens or can be chosen from the Table 3.2. 

 

 



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
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
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Table 3.2 Values of the constant mi for intact rock, by rock group of 4. Note that values in parenthesis 

are estimates. The range of values quoted for each material depends upon the granularity and 

interlocking of the crystal structure – the higher values being associated with tightly interlocked and 

more frictional characteristics, (after Marinos and Hoek, 2000). 

 * Conglomerates and breccias may present a wide range of mi values depending on the nature of the cementing material and the 

degree of cementation, so they may range from values similar to sandstone, to values used for fine grained sediments (even under 

10). 

** These values are for intact rock specimens tested normal to bedding or foliation. The value of mi will be significantly different 

if failure occurs along a weakness plane. 

 

Where D is the disturbance factor or named as blast damage factor. This parameter is decided 

on the method used for excavation of underground or surface rock structure. The value can be 

estimated from the Table 3.3. 
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Table 3.3 Guidelines for selecting parameter D (After Hoek et. al. 2002) 

 
 

It is also possible to estimate cohesion and internal friction angle of the rock mass by using 

the following equations.  

𝑐𝑚 =
𝜎𝑐𝑖[(1+2𝑎)𝑠+(1−𝑎)𝑚𝑏𝜎3𝑛](𝑠+𝑚𝑏𝜎3𝑛)𝑎−1

(1+𝑎)(2+𝑎)√1+
6𝑎𝑚𝑏(𝑠+𝑚𝑏𝜎3𝑛)𝑎−1

((1+𝑎)(2+𝑎))

        (3.6)
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𝜙𝑚 = 𝑆𝑖𝑛−1 [
6𝑎𝑚𝑏(𝑠+𝑚𝑏𝜎3𝑛)𝑎−1

2(1+𝑎)(2+𝑎)+6𝑎𝑚𝑏(𝑠+𝑚𝑏𝜎3𝑛)𝑎−1]       (3.7)

 
 

3.3.2 Determination of Post-Peak Strength Parameters of Generalized Hoek-Brown 

Failure Criterion for Rock Mass 

Support in underground mines provides a safe working environment, increases rock mass 

stability and controls dilution. Typical support methods such as a cable bolts are passive 

support and only provide reinforcement once the rock mass starts to dilate (the opening of 

fractures). Dilation and crack opening is a result of loss of strength of a rock mass after failure. 

Hence knowledge of the failed or post-peak rock mass parameters is quite important in the 

design of support for underground openings, (Crowder and Bowden, 2004). 

 

Estimates of the strength and deformation characteristics of rock masses are required for the 

analysis of underground excavations. The Hoek-Brown failure criterion (Hoek et al. 2002) is 

widely accepted and has been applied to numerous projects and applications around the world. 

This failure criterion, however, only deals with the stress in the rock mass up to the point of 

failure. There has been comparatively little work in the literature that deals with the field scale 

behaviour of rock after significant damage or failure (i.e., the post-peak behaviour), (Crowder 

and Bowden, 2004). 

 

Peak rock mass properties used in the Generalized Hoek-Brown criterion can be estimated by 

determining the unconfined compressive strength of intact rock samples (σci) , the Geological 

Strength Index (GSI), the rock parameter mi (which is a Hoek-Brown material constant for 

intact samples), and the Disturbance factor (D). The Rocscience programs RocLab or RocData 

are capable of estimating σci and mi by either fitting laboratory data or by using built-in charts 

of typical parameter ranges. 

 

Crowder and Bowden (2004) summarized a discussion about post-peak, or residual, rock 

parameters that occurred between Rocscience and several industry leaders in rock mechanics 

modelling. 

 

Crowder and Bowden (2004) reports the participants in the email discussion were: C. 

Carranza-Torres (Itasca Consulting Group Inc.), J. Carvalho (Golder Associates Ltd.), B. 

Corkum (Rocscience Inc.), M. Diederichs (Queen’s University), E. Hoek (Evert Hoek 

Consulting Engineer Inc.), and D. Martin (University of Alberta). A summary of various 

communications amongst these experts will be given as follows. The comments have been 

sorted with respect to the various Generalized Hoek-Brown parameters: 

 

σci , uniaxial compressive strength of the intact rock 

Uniaxial compressive strength value is a “fixed” index parameter that is determined from intact 

rock specimens, used for normalization purposes. The experts claim that the idea of a residual 

value of this parameter does not make physical sense. 

 

mb parameter 

Since this parameter is frictional component of the Hoek-Brown failure criteria, mb can be 

changed after the rock mass reaches failure. By increasing shear strain, the parameter will 
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decay. The amount of change depends on the rock mass and type of failure (brittle, perfectly 

–plastic, etc.). In brittle failure, a considerable decrease in mb  can be observed, in perfectly 

plastic failure, little or no reduction of mb 
can be observed since the rock mass is already at a 

residual state. 

 

s parameter 

This parameter can be decreased by rock mass failure. The lower bound for this cohesive 

parameter is zero. 

 

a parameter 

This parameter mainly gives the curvature of the Generalized Hoek-Brown failure envelope, 

especially at low σ3. Having a fixed value of a = 0.5 is an option. When it is applied, strength 

cannot increase quickly enough with confinement for highly fractured rock masses. But “a” 

value can increase while reducing to the residual state. 

 

D, Disturbance Factor (Blast Damage Factor)  

The disturbance factor is used for accounting blasting or excavation effects and damages on 

the rock mass and should not be imposed to obtain residual value. Also, there is a lack of 

experience using this parameter in underground mining excavations.  

 

GSI, Geological Strength Index 

This parameter establishes link between field observations and geological impression which 

represents geological conditions to peak rock mass parameters mb, s, and a. 

 
Basically, several post-failure behaviors can be observed for rock mass (Figure 3.2). 

 
Crowder and Bowden (2004) presented the general practical guidelines followed by E. Hoek. 

In fact, these choices of residual parameters by Hoek should be used in caution since the 

estimation of residual parameters is a complicated job and some conditions may not be 

consistent with his guidelines. The guidelines of Hoek were mentioned in Crowder and 

Bowden (2004) are based on the rock type from massive brittle rocks of high GSI value to 

very weak rock of low GSI values: 
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1. Massive Brittle Rocks (70 < GSI < 90)  

- High stress resulting in intact rock failure  

- All strength lost at failure  

- sres = 0, mb,res
 
= 1, and dilation = 0  

 

2. Jointed Strong Rocks (50 < GSI < 65)  

- Moderate stress levels resulting in failure of joint systems  

- Rock fails to a ‘gravel’  

- sres = 0, mb,res
 
= 15, and dilation = 0.3(mb,res)  

3. Jointed Intermediate Rocks (30 < GSI < 50)  

- Weathered granite, schist, sandstone  

- Assume strain softening, loss of tensile strength, retains shear strength  

- sres = 0, mb,res
 
= 0.5(mb), and dilation is small  

4. Very Weak Rock (GSI < 30)  

- Severe tectonic shearing/folding (flysch, phyllite)  

- Elastic-perfectly plastic behaviour, no dilation – i.e. already at residual  

- sres
 
= s, mb,res

 
= mb, and dilation = 0 

 

Cai et al. (2007) explained some studies on residual strength of rock masses and discussed 

their deficiencies and limits. GSIres indicates residual state of GSI in this study: 

 

Russo et al. (1998) suggests to use the GSIres value at 36% of the peak GSI value. This constant 

ratio of residual to peak GSI will underestimate the residual GSI values for poor-quality rock 

masses since the residual and peak GSI values can probably be close to each other. For high 

GSI rock masses overestimation of the residual state is valid since a brittle failure and a great 

strength loss will be faced with. 

 

Based on laboratory triaxial tests on limestone, Ribacchi (2000) suggested using the following 

relations to estimate the residual strength of jointed rock masses: 

 

mb,res = 0.65mb; sres= 0.04s or σcr = 0.2σci, 
 

Where mb and s are the Hoek–Brown peak strength parameters. In Ribacchi’s (2000) study, 

the tested rock has thin infillings or slightly weathered to unweathered joint walls. Thus, 

abovementioned relations can be considered as valid for only for rock masses having similar 

characteristics. The ratio of reduction is approximately GSIres = 0.7GSI for this study. Again it 

is inadequate to impose a constant reduction ratio for peak to residual GSI value. 

 

Cai et al. (2007) summarized several attempts have been made to estimate the residual strength 

of jointed rock masses. The reduction of GSI parameter and obtaining a GSI value for residual 

state is the most logical option. In failure process of the rock mass, intact rock material fails 

while discontinuities being sheared or deformed. Then we can consider the breakage of intact 

rock as an increase of discontinuities and degradation of discontinuity condition. The other 

peak to residual state transformation methods are not general for a wide range of rock masses. 

The method proposed by Cai et al. (2004 and 2007) is mainly based on the rock failure. The 

failure of the rock is identified by the information obtained from real rock mass failure on site 

and laboratory tests and from rock fracture simulated by numerical analysis. 
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Cai et al. (2004) presented a quantitative approach to estimate GSI rating which utilized 

volume Vb and a joint surface condition factor Jc as quantification parameters. The quantitative 

approach was validated using field test data and applied to the estimation of the rock mass 

properties at two cavern sites in Japan. 

 

The block volume and surface condition change before and after the failure of the rock mass 

is illustrated in the Figure 3.10 and change of GSI values are in Figure 3.11. 

 

Figure 3.10 Illustration of the residual block volume (after Cai et al., 2007) 
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Figure 3.11 Graphical representation of degradation of the block volume and joint surface condition of 

a particular rock mass from peak to residual state in a study of Cai et al.(2007) 

The block volume and joint surface condition parameters are used by quantification purposes 

to determine both the peak and residual GSI values. These input parameters in the validation 



30 

 

examples were obtained from field mapping and from borehole logging data. The strength and 

deformation parameters estimated from the quantified GSI system are very close to those 

obtained from in-situ tests or back analysis, indicating that the GSI system can be effectively 

applied to the design of underground excavations and rock slopes. 

 

The ratios of residual GSIres to peak GSI depend on the peak GSI values, as shown in Figure 

3.12. The investigated case histories have peak GSI values between 20 and 80 and the 

GSIres/GSI ratios vary in a range. 

 

 

Figure 3.12 Relationship between GSIres/GSI ratio and GSI (after Cai et. al., 2007) 

Russo et al. (1998) suggested that the residual GSIres value is 36% of the peak GSI value which 

is also shown on the Figure 3.12. This suggestion leads to overestimation of the strength of 

GSI>80 and underestimation of residual strength in GSI<40. 

 

As a better estimation, the residual GSIres value can then be empirically expressed as a function 

of the peak GSI value as (Cai et. al., 2007): 

 

GSIres=GSIe-0.0134GSI          (3.8) 

 

3.4 Review on Numerical Analysis Methods with Particular Reference to Post-Failure 

Analysis via FLAC3D 

There are various numerical modeling methods for the analysis of stress, deformation, fracture 

and breakage in mechanical systems in geotechnical engineering applications. Among them 

the following ones can be counted as the most popular ones:  

 

- Finite Element Method  

- Finite Difference Method 

- Boundary Element Method 

- Discrete Element Method  

G
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GSIres=GSIe-0.0134GSI 
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The continuum modeling software like finite element and Lagrangian finite-difference 

programs can simulate the variability in material types and non-linear constitutive behaviour 

associated with a rock mass successively. 

 

3.4.1 Continuum Modeling 

Continuum modeling is best applied for the analysis of rock structures that consist of massive, 

intact, weak or heavily jointed rock masses and soil whereas the rock masses controlled by 

discontinuity behavior or the structurally controlled rock masses would be subject to 

discontinuum modeling which is appropriate for rock masses controlled by discontinuity 

behavior or structurally controlled rock masses. (Sjöberg, 1996). 

 

Continuum approaches used in rock mechanical analysis include the finite-difference and 

finite-element methods. In applying these methods, problem domain is discretized into a set 

of sub-domains or elements. In finite-difference method (FDM), the solution procedure is 

based on numerical approximations of the governing equations.  These are basically the 

differential equations of equilibrium, the strain-displacement relations and the stress-strain 

equations. In finite-element method (FEM), on the other hand, the procedure may exploit 

approximations to the connectivity of elements, and continuity of displacements and stresses 

between elements (Eberhardt, 2003). 

 

3-D  continuum  codes  such  as  FLAC3D  (Itasca,  2009) makes it possible for engineer  to  

conduct  3-D  analyses  of  rock and soil engineering problems  on  a  desktop  computer. 

Three-dimensional  numerical codes  enable the  exploration of  three-dimensional  influences  

of underground structures,  geology,  pore  water  pressures,  in  situ  stress, material properties 

and seismic loading due to earthquakes (Eberhardt, 2003). 

 

3.4.2 Discontinuum Modeling 

Discontinuum modeling is best applicable in rock formations having multiple joint sets 

governing the mechanism of failure. The problem domain in this case is considered as  an 

assemblage  of  distinct,  interacting  bodies  or  blocks  that  are  subjected  to  external  loads  

and  are predicted to exhibit significant motion with time. In totality, the methodology is called 

as the discrete-element method (DEM) (Eberhardt, 2003). 

 

Itasca 3DEC is a powerful tool as a 3D distinct element code. It is suitable for overcoming the 

complex problems like faults, blocky formations or simply discontinuous media (such as 

jointed rock mass) subjected either static or dynamic loading (Itasca, 2007). 

 

3.4.3 Itasca FLAC3D 

Itasca FLAC3D is a three-dimensional explicit finite-difference program for engineering 

computations for geomechanics. The program is based on the well-established numerical 

formulation used by Itasca FLAC for two-dimensional analysis. The two-dimensional analysis 

competence of FLAC is broadened into three dimensions by FLAC3D, which simulates the 

behaviour of three-dimensional structures built of soil, rock or other materials that undergo 

plastic flow when their yield limits are reached. The three-dimensional grids of materials 

represented by polyhedral elements. The behaviour of each element governed by a prescribed 

linear or nonlinear stress/strain law in response to applied forces or boundary conditions. The 

material can yield and flow and the grid can deform (in large-strain mode) and move with the 
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material that is represented. The use of explicit, Lagrangian calculation method and the mixed-

discretization zoning technique in FLAC3D enables the accurate modeling of plastic collapse 

and flow. (Itasca, 2006). 

 

The mechanics of the continuum are derived from general principles of definition of strain and 

laws of motion, and the use of constitutive equations defining the idealized material. The set 

of partial differential equations, relating mechanical (stress) and kinematic (strain rate, 

velocity) variables, resulting mathematical expression, which are to be solved for particular 

geometries and properties for given specific boundary and initial conditions.  

 

FLAC3D is in the first hand concerns with the the state of stress and deformation of the 

medium near the state of equilibrium. Still, the quations of motion are included as an important 

subject as well. (Itasca, 2006). 

 

FLAC3D is an explicit finite difference program to study, numerically, the mechanical 

behavior of a continuous three-dimensional medium as it reaches equilibrium or steady plastic 

flow. The response observed derives from both a particular mathematical model and from a 

specific numerical implementation. 

 

The general principles (definition of strain, laws of motion), and the use of constitutive 

equations defining the idealized material are the basis of the mechanics of the medium. The 

resulting mathematical expression is a set of partial differential equations, relating mechanical 

(stress) and kinematic (strain rate, velocity) variables.  These are to be solved for particular 

geometries and properties, given specific boundary and initial conditions. 

 

3.4.3.1 Overview of Numerical Formulation 

There are three approaches that characterize the method of solution in FLAC3D. These are: 

(1) Finite difference approach (First-order space and time derivatives of a variable are 

approximated by finite differences, assuming linear variations of the variable over finite space 

and time intervals, respectively.); 

(2) Discrete-model approach (The continuous medium is replaced by a discrete equivalent – 

one in which all forces involved (applied and interactive) are concentrated at the nodes of a 

three-dimensional mesh used in the medium representation.); and 

(3) Dynamic-solution approach (The inertial terms in the equations of motion are used as 

numerical means to reach the equilibrium state of the system under consideration.) Through 

the means of these approaches the laws of motion for the continuum are transformed into 

discrete forms of Newton’s law at the nodes. Then an explicit finite difference approach in 

time is used to solve numerically the resulting system of ordinary differential equations. The 

spatial derivatives involved in the derivation of the equivalent medium are those appearing in 

the definition of strain rates in term of velocities. In order to define velocity variations and 

corresponding space intervals, the medium is discretized into constant strain-rate elements of 

tetrahedral shape whose vertices are the nodes of the mesh mentioned before. 

 

The same incremental numerical algorithm is common in all constitutive models in FLAC3D. 

Given the stress state at time t, and the total strain increment for a timestep, t, the purpose is 

to determine the corresponding stress increment and the new stress state at time t + t. When 

plastic deformations are involved, only the elastic part of the strain increment will contribute 
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to the stress increment. In this case, a correction must be made to the elastic stress increment 

as computed from the total strain increment in order to obtain the actual stress state for the 

new timestep. 

 

It is important to state that all models in FLAC3D operate on effective stresses only; pore 

pressures are used to convert total stresses to effective stresses before the constitutive model 

is called. The reverse process occurs after the model calculations are complete (Itasca, 2006). 

 

3.4.3.2 Plastic Model Group in FLAC3D 

All plastic models potentially involve some degree of permanent, path-dependent 

deformations (failure) as a result of the nonlinearity of the stress-strain relations. The different 

models in FLAC3D are characterized by their yield function, hardening/softening functions 

and flow rule. The yield functions for each model define the stress combination for which 

plastic flow takes place. These functions or criteria are represented by one or more limiting 

surfaces in a generalized stress space, with points below or on the surface being identified by 

an incremental elastic or plastic behavior, respectively. 

 

The plastic flow formulation in FLAC3D is based on basic assumptions from plasticity theory 

that the total strain increment may be decomposed into elastic and plastic parts, with only the 

elastic part contributing to the stress increment by means of an elastic law. The flow rule 

specifies the direction of the plastic strain increment vector as that normal to the potential 

surface.  If the potential and yield functions coincide it is called associated, and otherwise, it 

is called as non-associated. 

 

Moreover, the failure envelope for each of these models is characterized by a tensile yield 

function with associated flow rule. The Hoek-Brown model uses a nonlinear shear yield 

function, and a plasticity flow rule that varies as a function of the stress level.  

 

The plasticity models can produce localization, i.e., the development of families of 

discontinuities such as shear bands in a material that starts as a continuum. At this point it is 

better to stress that localization is grid-dependent since there is no intrinsic length scale 

incorporated in the formulations. 

 

3.4.3.3 Strain-Hardening/Softening Mohr-Coulomb Model 

This model is based on the FLAC3D Mohr-Coulomb model with non-associated shear and 

associated tension flow rules, as described above. Yet there is a difference in the possibility 

that the cohesion, friction, dilation and tensile strength may harden or soften after the onset of 

plastic yield. 

 

In the Mohr-Coulomb model, those properties are assumed to remain constant. Here, the user 

can define the cohesion, friction and dilation as piecewise-linear functions of a hardening 

parameter measuring the plastic shear strain. A piecewise-linear softening law for the tensile 

strength can also be prescribed in terms of another hardening parameter which measures the 

plastic tensile strain. The code measures the total plastic shear and tensile strains by 

incrementing the hardening parameters at each time step, and causes the model properties to 

conform to the user-defined functions. The yield and potential functions, plastic flow rules and 

stress corrections are identical to those of the Mohr-Coulomb model, (Itasca, 2006). 
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The two hardening or softening parameters for this model (κs and κt ) are defined as the sum 

of some incremental measures of plastic shear and tensile strain for the zone, respectively. The 

zone-shear and tensile-hardening increments are calculated as the volumetric average of 

hardening increments over all tetrahedra involved in the zone. 

 

The shear-hardening increment for a particular tetrahedron is a measure of the second invariant 

of the plastic shear-strain increment tensor for the step is as follows: 

 

∆κs =
1

√2
√(∆ε1

ps
− ∆εm

ps
)2 + (∆εm

ps
)2 + (∆ε3

ps
− ∆εm

ps
)2     (3.9) 

 

where ∆εm
ps  is the volumetric plastic shear strain increment, 

 

∆εm
ps

=
1

3
(∆ε1

ps
+ ∆ε3

ps
)                    (3.10) 

 

The tetrahedron tensile-hardening increment is the magnitude of the plastic tensile-strain 

increment, 

∆κt = |∆ε3
pt

|                     (3.11) 

 

The plastic-strain increments involved in the preceding formula may be derived from the 

definition of the flow rule.  

 

User-defined functions for zone yielding parameters can be determined by back-analysis of 

the post-failure behaviour of a material. Take a one-dimensional stress-strain curve, σ versus 

ε, which softens upon yield and attains some residual strength, (Figure 3.13). 

 

 

Figure 3.13 Example stress-strain curve 

The curve is linear to the point of yield; in that range, the strain is elastic only: ε=εe. After 

yield, the total strain is composed of elastic and plastic parts: : ε=εe+ εp. 



35 

 

 

In the softening/hardening model, the user defines the cohesion, friction, dilation and tensile 

strength variance as a function of the plastic portion, εp, of the total strain. These functions, 

which could in reality be sketched as indicated in Figure 3.14, are approximated in FLAC3D 

as sets of linear segments (Figure 3.15). 

 

 

Figure 3.14 Variation of cohesion (a) and friction angle (b) with plastic strain 

 

Figure 3.15 Approximation by linear segments 

The user provides the hardening and softening behaviours for the cohesion, friction and 

dilation in terms of the shear parameter Δεps in the form of tables. Each table contains pairs of 

values: one for the parameter, and one for the corresponding property value. It is assumed that 

the property varies linearly between two consecutive parameter entries in the table. Softening 

of the tensile strength is described in a similar manner, using the parameter εpt, (Itasca, 2009). 

 

3.4.3.4 Strain-Hardening/Softening Hoek-Brown Model 

The Hoek-Brown failure criterion is an empirical relation that characterizes the stress 

conditions that lead to failure in intact rock and rock masses. It has been successfully used in 

design approaches that use limit equilibrium solutions. Still, there has been little direct use in 

numerical solution schemes. Instead, equivalent friction and cohesion have been used with a 

Mohr-Coulomb model that is matched to the nonlinear Hoek-Brown strength envelope at 

particular stress levels. In the formulation described in the FLAC3D manual (Itasca, 2006), 

there is no fixed form for the flow rule, rather, it is assumed to depend on the stress level, and 

possibly some measure of damage. 
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Subsequently, the failure criterion is taken as a yield surface, using the terminology of 

plasticity theory. In general, a failure criterion is assumed to be a fixed, limiting stress 

condition that corresponds to ultimate failure of the material. However, numerical simulations 

of elastoplastic problems allow continuing the solution after “failure” has taken place, and the 

failure condition itself may change as the simulation progresses (by either hardening or 

softening). In this case, it is more reasonable to consider “yielding” rather than failure. There 

is no implied restriction on the type of behavior that is modeled. Rather both ductile and brittle 

behavior may be represented, depending on the softening relation used. 

 

An appropriate flow rule is considered in FLAC3D manual (Itasca, 2006), which describes the 

volumetric behavior of the material during yield. Usually, the flow parameter γ will depend 

on stress, and possibly on history. It is not appropriate to speak of a “dilation angle” for a 

material when its confining stress is low or tensile since the mode of failure is typically by 

axial splitting, not shearing. The volumetric strain depends, in a complicated way, on stress 

level but still we consider certain specific cases for which behavior is well-known, and 

determine the behavior for intermediate conditions by interpolation. Three cases are 

considered: 

 

The first case is on the many rocks under unconfined compression exhibit large rates of 

volumetric expansion at yield, associated with axial splitting and wedging effects. The 

associated flow rule provides the largest volumetric strain rate that may be justified 

theoretically. This flow rule is expected to apply in the vicinity of the uniaxial stress condition 

(σ3 ≈ 0). 

 

In the second one, under the condition of uniaxial tension, we might expect that the material 

would yield in the direction of the tensile traction. If the tension is isotropically applied, we 

imagine (since the test is almost impossible to perform) that the material would deform 

isotropically. The conditions are fulfilled by the radial flow rule in both cases, and the radial 

flow is assumed to apply when all principal stresses are tensile. 

 

In the third case, as the confining stress is increased, a point at which the material no longer 

dilates during yield is reached. A constant-volume flow rule is therefore appropriate when the 

confining stress is above some user-prescribed level, σ3=σcv3. 

 

Itasca proposed to assign the flow rule for FLAC3D (Itasca, 2006), (and, thus, a value for γ) 

according to the stress condition. In the fully tensile region, the radial flow rule will be used. 

For compressive σ1 and tensile or zero σ3, the associated flow rule is applied. For the interval 

0<σ3<σcv3, the value of γ is linearly interpolated between the associated and constant-volume 

limits. 

 

Finally, when σ3>σcv3, the constant-volume value, γ = γcv, is used. It is stressed that, if σcv3 is 

set equal to zero, then the model condition approaches a non-associated flow rule with a zero 

dilation angle. If σcv3 is set to a very high value relative to σci, the model condition approaches 

an associated flow state. 

 

Material softening after the onset of plastic yield can be simulated by specifying the change of 

mechanical properties (i.e., reduce the overall material strength) according to a softening 
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parameter. The softening parameter selected for the Hoek-Brown model is the plastic 

confining strain component, ɛ3
p. The choice of ɛ3

p is based on physical grounds. For yield near 

the unconfined state, the damage in brittle rock is mainly by splitting (not by shearing) with 

crack normals oriented in the σ3 direction. The parameter ɛ3
p is expected to correlate with the 

microcrack damage in the σ3 direction. 

 

The value of ɛ3
p is calculated by summing the strain increment values for Δɛ3

p calculated by. 

Softening behavior is provided by specifying tables that relate each of the properties “mb, s 

and a” to ɛ3
p as it is imposed like Mohr-Coulomb strain-softening application of FLAC3D 

software. Each table contains pairs of values: one for the ɛ3
p value, and one for the 

corresponding property value. It is assumed that the property varies linearly between two 

consecutive parameter entries in the table format.
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4 LABORATORY DEFORMABILITY TESTS ON INTACT ROCK SAMPLES 

 

 

 

Obtaining a complete stress-strain curve including a post failure region from the field tests is 

a tough job and may not be practical due to several circumstances. Conventional in-situ tests 

are time consuming, expensive and require great effort for measurement of the post failure 

properties of the rock mass. Back-analysis is another option but, very detailed and high-quality 

monitoring, lab and field testing combined with an extensive analysis utilizing numerical 

methods is required. Under these circumstances, gathering post-failure data directly from the 

tests or measurements on the rock mass necessitates great field and computation effort and has 

considerable limitations on measurements techniques and analysis. These concerns led this 

study to start from laboratory experiments on intact rock samples and preceded through the 

utilization of rock mass classification systems in order to estimate the field post-failure 

properties. 

 

Some relations between pre and post-failure deformability test results can be investigated by 

conducting a wide range of post-failure experiments and relations between the parameters 

were investigated.  

 

4.1 Parameters Used for Different States of Stress-Strain Response 

Stress-strain test data up to the peak failure state is processed to extract two different slopes. 

Slope of the tangent of the stress-strain curve at 50 % of the peak failure stress is accepted to 

represent linear elastic characteristics of the deformation response of the sample.  This 

provides Ei which is accepted as the elastic modulus of the intact rock sample. 

 

Pre-failure state stress-strain response is normally expected to follow a linear elastic trend. 

Slope of stress-strain curve for this trend yields the elastic modulus. If the stress-strain curve 

follows a linear fashion significant differences are not observed between tangent and secant 

moduli obtained from the slope of the curves. This is usually the case for relatively 

homogenous fine-grained hard rock types of igneous origin.  However, nonlinear stress-strain 

response may become dominant as the origin of rock samples changes to metamorphic and 

sedimentary. 

 

Nonlinear behavior may become more dominant for rock types located at the weak rock side 

which is at the verge of transition of the origin to soil-like material.  Then, the slope of the 

tangent taken around mid-levels of stress-strain curve can be accepted to represent modulus of 

linear elasticity or Young Modulus.  Slope of a line drawn from zero load state to the load 

level of peak-failure state can be named as secant modulus of stress-strain response. Pre-failure 

nonlinear nature of deformation response is best represented in this modulus. Secant modulus 

defined this way is believed to involve the effects of irreversible changes in the internal 
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structure of tested rock. Irreversible changes may include the nonlinearities caused by initial 

closure of pores and cracks or micro cracking and shearing close to the yield state of the rock. 

 

On the stress-strain curves, slope of a line drawn from the point at which sample takes the load 

to the point at which sample reaches the peak failure state usually illustrates some 

nonlinearities. These nonlinearities are believed to result from deformations like closure of 

pore spaces and cracking in the sample. Such occurrences are irreversible and are believed to 

be related to the ductile state on the curves. The slope Es for this case is named here as the 

modulus of deformation of the sample. Es is thought to include inherently the characteristics 

of nonlinear parts of the stress-strain curve for a particular rock type.  

 

In earth sciences, soil mechanics, and rock mechanics applications different symbols like qu, 

C0, and σc are commonly used for the unconfined compressive strength or intact rock uniaxial 

compressive strength.  To emphasize the difference between strength of the rock material and 

the rock mass, the symbol σci is adopted here for the uniaxial compressive strength of the intact 

rock. Rock mass strength is commonly expressed by σcm. 

 

Drop modulus Dpf, is defined here to characterize the slope of the falling portion of the post 

failure part of the stress-strain curve. M was named as drop modulus in Alejano et al. (2009). 

Different symbols like Epp (Joseph and Barron, 2003), Epost (Jaiswal and Shrivastva, 2009) were 

used for the post-failure drop modulus.  Dpf is normally a negative slope value, since it 

represents the slope of the falling portion of the stress-strain curve in the post-failure strain-

softening region. For simplicity, Dpf is included as an absolute value in the interpretation of 

the results.  

 

Dilation starts with nonlinearities in the pre-failure state with micro cracking in the sample. 

Pre-failure cracking is irreversible and are believed to be related to the ductile state on the 

curves. Material dilation is at the highest rate in the peak and post-peak failure states and 

dilation is represented by a dilatancy angle ψ.  

    

Falling portion ends at the residual state region. σcr represents residual compressive strength. 

This state is theoretically expected to tend to an elastic-perfectly plastic material behavior 

which is characterized by constant stress with increasing strain and zero volume change 

(dilatancy angle ψ=0). 

 

After the determination of the parameters described above relations among the pre-peak, peak 

and post peak state parameters are investigated. Owing to the difficulties of post-failure tests 

on unconfined specimens, number of fully successful experiments varies for particular groups 

of rocks. A fully successful test involves the clear identification of all of the above parameters.  

In some tests parameters like Dpf, σcr and ψ may not be obtained clearly.  Average value of a 

parameter is calculated first within each individual rock group. Plots are generated with these 

average values in order to investigate any possible relation of pre-peak and peak-state 

parameters to the post-peak state parameters.  

 

4.2 Experimental Work 

The uniaxial compression test, in which a right circular cylinder or prism of rock is compressed 

between two parallel rigid plates, is the oldest and simplest mechanical rock test and continues 
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to be widely used. This test is used to determine the Young’s modulus, E, Poisson’s ratio, υ, 

and also the uniaxial compressive strength, (Jaeger, et.al, 2007). This test can also be used for 

determination of post-failure properties of rock samples when appropriate testing method and 

devices are used. 

 

For the study uniaxial compressive strength test were conducted in order to characterize the 

intact rock behaviour in terms of pre and post failure parameters by displacement controlled 

loading. 

 

Suggested techniques for determining the uniaxial compressive strength and deformability of 

rock material are given by the International Society for Rock Mechanics Commission on 

Standardization of Laboratory and Field Tests (ISRM Commission, 1979). The essential 

features of the recommended procedure are:  

 

(a) The test specimens should be right circular cylinders having a height to diameter ratio of 

2.5–3.0 and a diameter preferably of not less than NX core size, approximately 54 mm. The 

specimen diameter should be at least 10 times the size of the largest grain in the rock. 

 

(b) The ends of the specimen should be flat to within 0.02 mm and should not depart from 

perpendicularity to the axis of the specimen by more than 0.001 rad or 0.05 mm in 50 mm. 

 

(c) The use of capping materials or end surface treatments other than machining is not 

permitted. 

 

(d) Specimens should be stored, for no longer than 30 days, in such a way as to preserve the 

natural water content, as far as possible, and tested in that condition. 

 

(e) Load should be applied to the specimen at a constant stress rate of 0.5–1.0 MPa/s. It should 

be noted that for post failure deformability test displacement controlled loading should be 

used. 

 

(f) Axial load and axial and radial or circumferential strains or deformations should be 

recorded throughout each test. 

 

(g) There should be at least five replications of each test if available. 

 

Stress-strain tests are conducted under the uniaxial compression; no lateral confinement acts 

on the cylindrical core specimens tested. With careful displacement-controlled load 

application complete stress-strain curves can be traced successfully to reach a well-defined 

residual state.  Parameters like Es, Ei and Dpf can be recovered from the slopes of the related 

parts of the curve. σci is measured as the peak of the axial stress on the curve.  Following the 

strain softening region, residual strength σcr can be approximately estimated by observing the 

flattening trend along the post-failure part of the stress-strain curve; slope of the descending 

part is quite high in the softening region, but rate of falling trend decreases towards the plastic 

residual state. Lateral strain data is also recorded to observe the lateral circumferential 

expansion around the specimen. Axial and lateral diametric strain data is used in the 

interpretation of the data for the estimation of the dilatancy angle ψ. 



42 

 

 

A 2800 kN MTS 815 Servo hydraulic Testing System is used for compressive loading in the 

tests. This system is designed for high precision in advanced applications such as computerized 

displacement controlled testing to successfully trace post-failure part of the stress- strain 

curves.  System is equipped with a 200 kHz data acquision system Iotech DaqBook 2000X in 

order to condition and transfer the A/D or D/A signals in and out of the load and displacement 

transducers and PC's.  An external load cell with a capacity of 500 kN is used for load 

measurements.  

 

Displacement controlled testing is necessary for detecting the post-failure part of the stress-

strain curve. Displacement controlled testing is conducted with an applied displacement rate 

of 0.005 mm/s to 0.0005 mm/s. Choice of fast or slow rate depends on the preliminary 

observations and estimates of strength and stiffness characteristics of the rock samples. Slower 

rates are necessary in order to detect post-failure regions of stress-strain curves, especially for 

brittle rock types. 

 

Two vertically aligned strain gage type linear displacement transducers having a maximum  

range of 1 cm is positioned between the upper and lower loading platens to detect length 

changes of the sample. For lateral strain measurements, a circumferential chain type sensor 

arrangement is attached surrounding the sample lateral boundary. This arrangement responds 

to the change of diameter of the cylindrical core specimen.  From the lateral deformation data, 

lateral diametric strain is computed and included in the processing of data for the computation 

of volumetric strain and dilatancy angle.   

 

Analog load and deformation data signals are converted to digital form through the data 

acquisition system and transferred to the PC. Data is then processed to generate plots of axial 

stress versus axial and lateral strains. 

 

4.3 Rock Sample Groups 

Experimental work is designed to cover a wide range of rock types with various strength, 

deformability and geological properties. Depending on the origin, rock specimens are 

categorized under eight major groups. Results of 73 post-failure deformability tests (3 

Rhyodacite, 9 Glauberite, 6 Granite, 22 Quartzite-serie, 12 Dunite, 3 Argillite, 15 Marl and 3 

Lignite) are given in the Appendix A. 

 

Rock samples are transferred to the laboratory from different parts of Turkey. Locations of the 

samples are shown in Figure 4.1. 
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Figure 4.1 Location of different rock groups on a map sketch of Turkey 

Rhyodacite group: The rock samples in this group are from a gold mine planned to be situated 

in Sindirgi-Balikesir province of western Turkey. Banyard (2010) described this rock unit 

having crystal-rich ignimbrite faces with abundant rock fragments in fine ash matrix.   

Rhyodacite unit among the lavas of various compositions (Oygur, 1997) is categorized as an 

igneous rock type.  

 

Glauberite group: Samples of glauberite group is from a sodium sulphate mine located at 

Cayirhan District nearby Ankara-Turkey. Evaporate glauberite is member of the upper 

Miocene Kirmir Formation of the Beypazari Basin. The deposition in this basin is formed by 

sedimentation, (Ortí et. al, 2002). 

 

Granite group: Igneous granite samples in this group consist of quartz, hornblende and 

plagioclase feldspar. The granite or granitic rocks in the region are in the form of porphyry 

intrusions, (Bozkus, 1992).  The related region is located around the upper North West corner 

of Turkey and samples belong to a state highway project between Artvin-Erzurum. 

 

Quartzite-series group: Quartzite series samples are from Kurtkoy formation of Anatolian 

section of Istanbul. They belong to foundation units of high rise condominium-type residential 

construction projects. The rock material in this series show wide variations of origin and 

texture, depending upon the depth at which samples are taken. Indication of transition of origin 

from sedimentary to metamorphic is commonly observed. Magmatic and mafic fragments 

dominantly including feldspar are typical. Color and appearance variation in the form of dark 

to light tones of magenta and purple, and greenish ash is characteristic for the samples in this 

group, (Ozer, 2008). 

 

Dunite group: Samples are taken from a chromite mine in Aladag-Adana around southern 

Turkey. Dunite belongs to an igneous rock type group. Some samples of the group are 

described to be associated with layered chromite of variable degree of serpentinization, (Parlak 

et. al, 2002). 
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Argillite group: Samples are taken from Asikoy underground mine of Eti Bakir Company 

located in Kure-Kastamonu of Northern Turkey. Argillite tested in this work can be considered 

as a metamorphic rock unit with high amount of slightly metamorphosed clay.  Copper 

deposits found in Küre appear as stockwork-disseminated ore at the upper levels of spillites 

and as massive lenses between the spillites and argillites, (Cagatay et. al, 1982).  Rock mass 

dominated by argillite is heavily fractured in the mine site, however intact argillite core 

samples recovered have been found to possess high unconfined compressive strength, (Figure 

C.5). 

 

Marl group: Samples are taken from Simav open pit of Bigadiç Borate Mine in Balikesir 

Turkey. Marl is a sedimentary rock. Marl group is associated with limestone and high 

percentage of claystone and mudstone laminations and intercalations, (Figure C.6), (Helvacı 

and Alaca, 1991). 

 

Lignite group: Samples of lignite are from Etyemez, and Kangal regions of Sivas, and 

Tufanbeyli region of Adana in Mid-eastern part of Turkey. Samples consist of low-calorie 

lignite coal having high content of soft clay of high plasticity. Lignite samples from Sivas and 

Adana provinces belong to the same coal basin, and their appearances and mechanical 

properties are very close to each other, (Figure C.7). Details of geology of this basin can be 

found in (Şen and Saraç, 2000, Yalçın Erik, 2010, Ege and Tonbul, 2003). 

 

4.4 Interpretation of Stress-Strain Curves to Determine the Parameters 

Stress-strain test data up to the peak failure state is processed to extract two different slopes. 

Slope of the tangent of the stress-strain curve at 50 % of the peak failure stress is accepted to 

represent linear elastic characteristics of the deformation response of the sample. This 

corresponds to Ei which is accepted as the elastic modulus of the intact rock sample. 

 

Secant modulus Es is evaluated from the slope of a line drawn from the beginning of the curve 

to the peak-failure state stress level. Es can also be named here as the modulus of deformation 

of the sample. Es is believed to include the characteristics of nonlinear parts of the stress-strain 

curve for a particular rock type. Nonlinearities are believed to result from deformations like 

closure of pore spaces and cracking in the sample. Such occurrences are irreversible and are 

believed to be related to the pre-failure ductile state of the rock sample. 

 

Uniaxial compressive strength of intact rock represented by σci corresponds to the peak point 

of the stress-strain curve of the rock sample under uniaxial compressive load. It can also be 

named as unconfined compressive strength. 

 

Drop modulus Dpf, is the slope of the falling portion of the stress-strain curve in the post-failure 

strain softening region. It is taken as an absolute value of the slope on the descending portion 

of the stress strain curve although it is a negative value. This value indicates the average slope 

of post-peak portion till a residual state is reached. 

 

Reaching a well-defined residual state is not always possible, considering the unconfined state 

of lateral boundaries of the sample. Interruption of an experiment because of complete splitting 

following uncontrolled loss of strength is the common cause. When rock sample reaches its 

residual state deformations on existing macro cracks are thought to proceed under an almost 
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constant level of axial stress. The constant stress level corresponding to the residual strength 

state σcr cannot be clearly identified for all tests.  Rate of stress drop associated with softening 

part decreases usually in this state.  Then, a tendency to reach the residual state is sensed 

accordingly following the flattening trend of the curve.  

 

Nonlinear parts are common along the stress-strain curves, especially for the weak sample 

groups. Idealization of the slopes and the residual parts in the form of lines is necessary. 

Purpose of such simplifications is to identify and quantify the related characteristic parameters 

of that particular portion. 

 

Based on the discussions above, some typical examples related to the interpretation of different 

parts of the curves are presented in Figure 4.2, Figure 4.3, Figure 4.4 and Figure 4.5. 

 

In Figure 4.2 procedure for linear approximation and averaging of the slopes is illustrated for 

a sample in marl group. On this stress-strain curve nonlinearities of the pre-failure part is 

reflected in Es and average Dpf is relatively well-defined. Interpretation procedure for 

identifying σcr is shown in the figure. 

 

 

Figure 4.2 Example interpretation of stress-strain test on a sample of marl group 

For some tests, slope of the curve for the softening part shows fluctuations. A line needs to be 

fitted to the curve to represent the average as in Figure 4.3 which is the result of a stress-strain 

test on an argillite group sample. 
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Figure 4.3 Example stress-strain curve of a test on a sample of argillite group   

Figure 4.4 presents a typical complete stress-strain curve result of a test on a lignite sample of 

highly plastic nature. Although a transition to the residual state is not observed clearly, it is 

still possible to identify Dpf and σcr values. Due to the plastic nature of the lignite group Dpf is 

very low and residual strength is almost equal to the peak strength. 
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Figure 4.4 Approximation of drop modulus and the residual state; stress-strain test result on a lignite 

sample of Etyemez 

In some of the tests no residual state data can be obtained. Figure 7 shows a case where a clear 

residual state cannot be identified. For such cases, residual compressive strength values are 

not included in processing of the data and presentation of the results. 

 

 

Figure 4.5 Stress-strain test on a sample of granite group; residual state is not achieved 
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Dilatancy response is controlled by dilatancy angle. Average dilation angles are calculated by 

interpreting the lateral strain-axial strain results of the unconfined compression tests on 

different rock groups. In the computation of dilatancy angle, an expression suggested by 

Vermeer and de Borst (1984) is used. This expression can be used for calculation of dilatancy 

angle under uniaxial or triaxial compressive loading conditions. 

ψ = arcsin (
ε̇v

p

−2ε̇1
p

+ε̇v
p)         (4.1) 

In Equation 3.2, superscript p refers to the plastic or post-failure state parts of the strain 

components. Symbol  ε̇v
p

  represents the plastic volumetric strain rate and ε̇1
p
  is the plastic axial 

principal strain rate.  Dot above the strain components implies the material time derivative. 

Viscous effects are not significant in this work; since the material is solid, dotted rate 

derivative type notation is not necessary.   

 

Stress interval Δσ is used for the evaluation of the average slopes of the falling portion in the 

post-peak part of the stress-strain curve. Related strain increments are ∆εv
p
 for the volumetric 

strain component and ∆ε1
p
 for the axial principal strain component in this part of the curve. In 

terms of plastic strain increments, Equation 3.2 can be modified as:  

 

ψ = arcsin (
∆εv

p

−2∆ε1
p

+∆εv
p)         (4.2) 

 

Principal plastic strain components ∆ε2   
p

 and ∆ε3
p
 result from lateral deformation response of 

the core samples.  Volumetric strain in terms of principal strain components can be expressed 

as: 

∆εv
p

= ∆ε1
p

+ ∆ε2   
p

+ ∆ε3
p
         (4.3) 

 

For an unconfined cylindrical sample ∆ε2   
p

= ∆ε3
p

 , and lateral diametric deformation can be 

included as 2∆ε3
p
  in ∆εv

p
 of Equation 3.3. Equation 3.3 is simplified as: 

 

ψ = arcsin (
∆ε1

p
+2∆ε3

p

−∆ε1
p

+2∆ε3
p)         (4.4) 

 

In order to determine dilatancy response of the tested rock samples a plot of lateral (diametric) 

strain versus axial stress is needed. As an example, a typical lateral diametric strain curve from 

a test on a relatively weak sample of dunite group is presented. Lateral diametric strain plot is 

on the left of the vertical axis which is the axial stress scale of Figure 4.6. 
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Figure 4.6 Stress-strain curve of a dunite sample; lateral diametric strain is on the left of the graph 

An idealized example stress-strain curve is presented in Figure 4.7. Slope computations are 

for a constant interval of stress difference Δσ in the softening parts of the curve. This interval 

is used as an average stress drop for the evaluation of average slopes in the entire softening 

parts of the axial and lateral strain curves.  Slope  Dpf
dia is defined for the falling portion of the 

axial stress-lateral strain curve as in Figure 4.7. 

 

 

Figure 4.7 Idealized stress-strain plot for the evaluation of slopes 

Slopes of softening parts of axial stress versus axial and lateral strain curves can be inserted 

into Equation 4 as: 
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ψ = arcsin (

1
∆𝛔

∆𝛆𝟏
𝐩

+2
1

∆𝛔

∆𝛆𝟑
𝐩

−
1

∆𝛔

∆𝛆𝟏
𝐩

+2
1

∆𝛔

∆𝛆𝟑
𝐩

)         (4.5) 

Considering that slope evaluations are for a constant stress interval, dilatancy angle is 

computed by using Dpf and Dpf
dia as: 

ψ = arcsin (

1

𝐃𝐩𝐟
+2

1

𝐃𝐩𝐟
𝐝𝐢𝐚

−
1

𝐃𝐩𝐟
+2

1

𝐃𝐩𝐟
𝐝𝐢𝐚

)         (4.6) 

For plane strain problems, strain perpendicular to the plane of structural problems like long 

tunnel, slope or dam sections is assumed to be zero.  Dilation angle computed by the expression 

above can be used to estimate lateral expansion coefficient of plane strain (2D) plastic potential 

functions. Out of plane plastic lateral strain component ∆ε2   
p

is zero for such 2D plane strain 

problems. Mohr-Coulomb yield function can be expressed as: 

𝑓 =    σ1 − σci − N∅ σ3          (4.7) 

This is a 2D yield function in terms of two of the principal stresses σ1 and σ3. Friction factor 

N∅  depends on the internal friction angle ϕ in the following way: 

N∅ =
1+sin (∅)

1−sin (∅)
= tan2(45° +

∅

2
)         (4.8) 

Similar to the Mohr-Coulomb yield function a plastic potential function can be defined as:  

𝑔 = σ1 − C − Nψσ3                     (4.9) 

C is a constant corresponding to the unconfined strength of yielding sample at different stages 

of post-failure state. Detailed description and application of plastic flow rule can be found in 

a number of references like Vermeer and de Borst (1984), Alejano and Alonso (2005), and 

Arzúa and Alejano (2013). Based on the flow rule, differentiation of the potential function 

with respect to the principal stresses yields the relations between stress and strain increments 

in the post-failure part. Dilatancy parameter is symbolized as Kψ in Alejano and Alonso (2005) 

or Nψ in (Itasca, 2005).  Dilatancy parameter Nψ represents the ratio of lateral strain over axial 

strain as following: 

 

Nψ=−
∆ε3

p

∆ε1
p                    (4.10) 

 

Similar to the functional forms in Equation 3.9, Nψ in terms of dilatancy angle can be 

represented as: 

 

Nψ =
1+sin (ψ)

1−sin (ψ)
= tan2(45° +

ψ

2
)                   (4.11) 
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In the evaluation of test data a dilatancy angle ψ is computed first; and then using the 

expression in Equation 3.12, parameter 𝑁𝜓 is computed.   

 

4.5 Results and Discussion for Laboratory Experiments 

Results of a total of seventy three complete stress-strain tests on different rock groups are 

presented in Table 4.1.  Clearly identified entries for some of the parameters in rock type 

groups vary, due to the difficulties associated mostly with the post-failure parts. Number of 

successful tests for the evaluation of an average for a particular parameter is indicated in 

parentheses located under the average value of that parameter. Under unconfined compression 

testing, difficulties like reaching a clear residual compressive strength state may not be 

possible in all tests.  This is caused by the interruption of the experiment following splitting, 

intense lateral bulging or uncontrolled breakage of the core specimens. The minimum, 

maximum and standard deviation of averaged values are presented in Appendix B. 

Table 4.1 Complete stress-strain test results and average values of pre-failure, peak and post-failure 

state parameters of intact rock 
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ta
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2
(4

5
+

 ψ
/2
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Rhyodacite 
11.75 

(3) 

10.10 

(3) 

54.24 

(3) 

55.92 

(3) 

 

(-) 

65.43 

(1) 

21.09 

(1) 

Glauberite 
6.26 

(9) 

4.34 

(9) 

11.83 

(9) 

4.25 

(9) 

4.03 

(3) 

57.27 

(9) 

11.60 

(9) 

Granite 
23.79 

(6) 

18.84 

(6) 

89.62 

(6) 

71.24 

(6) 

8.22 

(1) 

72.15 

(2) 

25.81 

(2) 

Quartzite-

series 

15.07 

(22) 

11.72 

(22) 

43.50 

(22) 

34.31 

(22) 

11.63 

(8) 

62.85 

(19) 

17.15 

(19) 

Dunite 
7.60 

(12) 

5.59 

(12) 

17.12 

(12) 

14.60 

(12) 

4.05 

(7) 

58.82 

(12) 

12.84 

(12) 

Argillite 
12.40 

(3) 

8.45 

(3) 

34.36 

(3) 

19.90 

(3) 

11.54 

(3) 

62.98 

(3) 

17.32 

(3) 

Marl 
9.07 

(15) 

6.78 

(15) 

29.95 

(15) 

20.62 

(15) 

4.02 

(14) 

68.13 

(15) 

26.78 

(15) 

Lignite 
0.15 

(3) 

0.11 

(3) 

1.16 

(3) 

0.0068 

(3) 

1.102 

(3) 

 

(-) 

 

(-) 
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Peak and residual state stress levels are close on stress-strain curves of tests on lignite. It is 

rather difficult to distinguish and clearly identify these states, and the related slopes of the 

post-failure portion of the curves. With soft and highly plastic characteristic appearance and 

nature of lignite samples, lignite is located at the lower limit for the parameters entered in the 

data processing. Stress-strain curves with the yield stress levels close to those of the soils are 

typically observed for lignite group. Characteristics of brittle state with high stiffness, high 

unconfined compressive strength, and high drop modulus are not well-defined for tests on 

lignite. This situation causes difficulties in accurate estimation of some of the pre-failure and 

post-failure state parameters.  

 

In general there are eight basic rock groups in data processing including lignite. For the 

parametric analyses in the next section, lignite entry is omitted in some of the plots when the 

entry is meaninglessly far from the general trend followed by the other rock type groups. 

Unless otherwise indicated, averaged data points for the related parameters of the groups 

include all, including lignite. 

 

For some samples residual compressive strength cannot be determined due to the interruption 

of the experiment because of splitting or excessive breakage of the core specimens. Due to the 

absence of some data for particular samples, studies were conducted using only the available 

data for related plots. 

 

4.5.1 Relation of Pre-failure State and Peak-State Parameters 

 

Both Ei and Es stand for representing the stiffness of a sample. Detailed information, 

calculations and comments on these parameters are mentioned in Chapter 3.4. 

 

If sample strength is zero its stiffness is expected to be zero as well. This is a mechanical 

constraint that should be considered in the fitting process for developing a parametric relation 

and associated functional form as a result of statistical data processing efforts. The best fit 

functions may not always be meaningful regarding the mechanical considerations. 

 

Functional form fitted for Ei versus σci is given in Figure 4.8.  
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Figure 4.8 Tangent modulus of elasticity, Ei versus uniaxial compressive strength, σci plot 

With R2=0.94, fitting a functional form as power law appears to be quite successful providing 

the relation of Ei versus σci related to the elastic deformation part.  Fitted expression is  

Ei=A(σci)b                    (4.12) 

in which A=192, b=1.14. Units of Ei and σci are in MPa in Equation 3.13.  As σci tends to zero 

Ei tends to zero as well, indicating the achievement of a correct functional form here.  

 

A power law form of functional fit with R2=0.95 is presented in Figure 4.9 for the relation of 

Es versus σci. Fitted expression is  

Es=A (σci)b                    (4.13) 

in which A=131, b=1.17.  Units of Es and σci are in MPa. This is a nonlinear power function 

form which results in Es being zero when σci is zero.   
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Figure 4.9 Secant modulus, Es versus uniaxial compressive strength, σci plot 

As indicated by the coefficients A of Equations 3.13 and 3.14, Es is lower than Ei. This is 

expected considering the nonlinearities in the curves. Power b is not significantly different in 

the expressions of Equations 3.13 and 3.14. 

 

4.5.2 Analyses of Results to Estimate Drop Modulus of Post-failure State 

Descending or post-failure portion of the stress-strain curves usually exhibits nonlinear nature.  

However, this problem can be solved by fitting a line representing the average linear nature of 

the curved portion between the peak failure state and the residual state. As explained before 

slope of the averaging line is represented by Dpf. A magnitude wise high value of Dpf can be 

accepted to represent a high degree of brittleness. 

 

With statistical processing of the test data and parametric studies, it is possible to estimate the 

post-failure state parameters like drop modulus from the pre-failure state parameters like Ei, 

Es, and σci.   Drop modulus can be estimated from the results of relatively simple standard 

deformability tests. With conventional testing, it is relatively simple to compute Ei and Es.  It 

is also possible to estimate Dpf from the results of relatively simple unconfined compressive 

strength tests.  

 

Using the curve fitted in the Figure 4.10, Dpf can be estimated in terms of Ei computed from 

the pre-failure state of a relatively simple standard deformability test.  
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Figure 4.10 Drop modulus, Dpf versus tangent modulus of elasticity, Ei plot 

The parametric expression for this estimation is: 

Dpf= A(Ei)b                            (4.14) 

Both Ei and Dpf is in GPa in this equation. Fitting function indicates a power law type relation 

between Ei and Dpf. Coefficient A=0.25 and power b=1.87. Quality of fit is good with R2=0.98. 

Fitted functional form also satisfies the mechanically expected requirements. Drop modulus is 

increasingly higher in magnitude than the tangent elastic modulus. Towards the high stiffness 

side of the trend curve with Ei reaching values 20 GPa or higher, Dpf becomes four times or 

much higher in magnitude than Ei. 

 

In Figure 4.11, Ei is replaced by secant modulus Es: quality of fit with R2=0.99 is better than 

that of the fit for Dpf versus Ei.    
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Figure 4.11 Drop modulus, Dpf versus secant modulus, Es plot 

Fitting function again indicates a power law type relation between Dpf and Es. The form of the 

equation is: 

Dpf=A(Es)
b        

             (4.15) 

This functional fit is associated with a coefficient A=0.45 and power b=1.84. Compared to the 

previous analysis, strength of fitting power is reduced slightly from 1.87 to 1.84. 

 

Interesting result is that Dpf of post-failure state is more closely related to Es of pre-failure state 

than Ei. This is expected considering that secant modulus Es is the slope of a line extending 

from zero load state to the yield point, including the effect of all slope variations and 

nonlinearities associated with the pre-failure part.  

 

As in Figure 4.12, Dpf can be estimated from a relatively simple standard UCS test. Line fitted 

shows that the drop modulus decreases when the strength decreases. Degree of brittleness 

which is reflected by high Dpf increases linearly with increasing compressive strength of the 

intact rock. 
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Figure 4.12 Drop modulus, Dpf versus uniaxial compressive strength, σci plot 

Line fitted with R2=0.94 is in the form of: 

Dpf= A(σci)                      (4.16) 

 Dpf and σci are in MPa in the fitted expression and the coefficient A is 814. 

 

Plots with scales in dimensionless forms of drop modulus, tangent elastic modulus, secant 

deformation modulus, and σci can be practically useful for the estimation of drop modulus from 

a single combined test type aimed to determine Ei, Es, and the intact rock uniaxial compressive 

strength.  Plots with normalizations like Dpf/Ei versus Es/σci or Dpf/Es versus Ei/σci will be 

interesting to analyze. 

 

Figure 4.13 shows the fitted curve for the plot of Dpf/Ei versus Ei/σci. Only 7 rock groups are 

represented on this plot. Point for lignite is not included.  Lignite being at the extreme end of 

soil-like or plastic behavior sometimes causes meaningless trends on the plots. In such cases 

related lignite entry is omitted. 
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Figure 4.13 Ratio of drop modulus to tangent modulus of elasticity, Dpf/Ei versus ratio of tangent 

modulus of elasticity to uniaxial compressive strength, Ei/σci plot 

The form of the equation is: 

Dpf/Ei = Aeb                            (4.17) 

with constants A=12.98 and b=-0.005(Ei/σci), and  R2 value of 0.86. Drop modulus/elastic 

modulus ratio (Dpf/Ei) varies in an approximate range of 0.6 to 5 for Ei/σci ratios approximately 

between 600 and 200. Dpf/Ei increases with decreasing Ei/σci ratio; at this side either the rock 

material is less stiff or it has quite high σci. For a rock which has a very high σci, Ei/σci ratio 

tends to zero and an extreme value of approximately Dpf/Es=13 is predicted.  

 

Plot in Figure 18 is in a dimensionless form in terms Dpf/Es as the vertical scale and Ei/σci as 

the horizontal scale. This plot can be used to estimate Dpf from the results of simple 

deformability tests in which samples are loaded till failure to determine the yield points too. 

Lignite data is excluded in the plot of Figure 4.14. 
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Figure 4.14 Ratio of drop modulus to secant modulus, Dpf/Es versus ratio of tangent modulus of 

elasticity to uniaxial compressive strength, Ei/σci plot 

For relating Dpf/Es to Ei/σci the following equation is proposed:  

 Dpf/Es = A×ln(Ei/σci)+b                     (4.18) 

This is a logarithmic fit with constants A=-4.35 and b=28.34, and with a relatively reasonable 

R2 value of 0.88. Drop modulus/secant modulus ratio (Dpf/Es) varies in an approximate range 

of 0.5 to 5.3 for Ei/σci ratios approximately between 600 and 200. Dpf/Es increases with 

decreasing Ei/σci ratio; at this side either the rock material is less stiff or it has quite high σci. 

At the low strength side Dpf/Es tends to zero as Ei/σci ratio gets large. Dpf/Es becomes zero for 

Ei/σci=680. This means peak and residual states are coincident for such rocks, since the drop 

modulus tends to zero. 

 

4.5.3 Analyses of Results to Estimate Residual Strength 

 

Residual strength can be estimated in the form of a ratio of residual to peak uniaxial 

compressive strength (σcr/ σci) as seen in Figure 4.15. In Figure 4.15 horizontal scale is σci in 

MPa. Range of vertical scale which is the ratio of σcr/ σci varies approximately from 1 to 0. 

The ratio being one is thought to represent a plastic end where peak and residual strength 

values are almost identical. Lower end of the ratio converging to zero is believed to correspond 

to a highly brittle state. For a highly brittle state reaching a definite residual strength state may 

not always be possible, considering the unconfined testing conditions and violent splitting of 

the samples.  

 

Using Figure 4.15, σcr/σci ratio can be estimated based on  a simple UCS test result. Lignite is 

included in this figure.  However, no result entry is present for rhyodacite group. Residual 

strength state was not reached in any of the tests in this group. 
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Figure 4.15 Ratio of residual to peak compressive strength, σcr/σci versus uniaxial compressive 

strength, σci plot 

Logarithmic function fitted results in an expression like: 

 σcr/σci =A×ln(σcr/σci)+b                    (4.19) 

Coefficient A is -0.2 and constant b is 0.93. This functional form yields a value of 0.7 MPa for 

a ratio σcr/σci =1. On the brittle end for a σci around 105 MPa, σcr/σci ratio becomes zero.  

 

4.5.4 Analyses of Results to Estimate Dilatancy 

Dilatancy evaluations are based on the results of tests on seven rock groups. In the results 

presented here lignite group is not included. 

 

The relation of dilation angle in degrees to Ei/σci ratio is shown in Figure 4.16. 
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Figure 4.16 Dilatancy angle (ψ) versus ratio of tangent modulus of elasticity to uniaxial compressive 

strength, Ei/σci plot 

Exponential function is the fitted form as: 

ψ(°)= Aeb                      (4.20) 

Coefficient A is 77.1 and power b is -6×10-4 (Ei/σci).  A lower limit value around 54° is 

predicted for Ei/σci =600 which corresponds to a low σci. Predicted value is ψ=69° 

approximately for high σci side. Dilatancy angle range is quite narrow.  

 

Data point entries in Figure 4.16 represent the group averages of ψ. In the plots, dilatancy 

angle which are averaged with respect to rock groups, lie between 57° and 72°. Here number 

of tests to estimate dilatancy is quite high and dilatancy angle for all tests lies interestingly 

between 43° and 78° when the experiments are considered individually. This situation is 

consistent with findings of the others as discussed in the background section, Chapter 2.2.  

 

Best results for dilatancy angle evaluation are obtained from the plots in terms of Es/ σci. The 

relation of dilatancy angle to Es/σci is shown in Figure 4.17. This is expected, since 

nonlinearities are included in Es as discussed before. 
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Figure 4.17 Dilatancy angle (ψ) versus secant modulus to uniaxial compressive strength, Es/σci plot  

In Figure 4.17 exponential function fitted with R2=0.85 has the form: 

ψ(°)= Aeb                      (4.21) 

with A= 80.93 and b= -9×10-4(Es/σci). 

 

A wider range in terms of 2D plane strain dilatancy parameter Nψ can be imposed to the 

estimations. The relation of Nψ to Es/σci is shown in Figure 4.18. Nψ is around 5 for Es/σci=600 

and 25 for Es/σci=200. 
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Figure 4.18 Plane strain dilatancy parameter Nψ versus ratio of secant modulus to uniaxial 

compressive strength, Es/σci 

The exponential form fitted with R2=0.81 yields 

Nψ=Aeb                       (4.22) 

A is 58.23 and b is -0.004(Es/σci). 

 

The relation of Nψ to Es/σci is shown in Figure 4.19. Nψ is around 8 for Ei/σci=600 and 27 for 

Ei/σci=200. 
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Figure 4.19 Plane strain dilatancy parameter Nψ versus ratio of tangent modulus of elasticity to 

uniaxial compressive strength, Ei/σci 

The exponential form fitted with R2=0.77 yields: 

Nψ=Aeb                       (4.23) 

A is 46.27 and b is -0.003(Ei/σci). 

 

Strain values are also taken into consideration in order to investigate whether any relations 

with several parameters exists or not. In this part a relation is tried to be observed about 

converging residual state or when the pre-peak plasticity begins by proposing some ratios. 

 

In Figure 4.20 some definitions about the critical strain values are shown. 
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Figure 4.20 Schematic representation of a stress strain curve and definition of strain terms (modified 

from Brady and Brown, 2005) 

 

ɛprepl: Axial strain value at which pre-failure plastic strains starts to occur. From this point 

linearity of the stress-strain curve (elasticity) is starts to be broken. This value is estimated by 

visual impression for this study thus, exactness is not absolute. In some references (Goodman, 

1989) this point is also called as yield point. 

 

ɛfailure: Axial strain value at which the uniaxial compressive strength value is attained. 

 

ɛres: Axial strain value at which the residual strength is reached. For many rocks, in uniaxial 

compression tests, residual strength may immediately dropped to “zero” due to the total 

breakage of the specimen. Thus, this value cannot be determined for all specimens. 

 

Values are averaged in order to represent each group with equal weight. Average values are 

represented in Table 4.2. 

Table 4.2 Samples and averaged critical strain values with residual compressive strength 

Sample Group ɛprepl ɛfailure ɛres 

σci 

(UCS) 

(MPa) 

σcr 

(MPa) 

Rhyodacite 0.00525 0.00540 0.00630 54.24 0 

Glauberite 0.00233 0.00280 0.00476 11.83 4.03 

Granite 0.00380 0.00468 0.00533 89.62 8.22 

Phyllite 0.00282 0.00378 0.00425 43.50 11.63 

Dunite 0.00217 0.00343 0.00445 17.12 4.05 

Argillite 0.00352 0.00416 0.00610 34.36 11.54 

Marl 0.00359 0.00511 0.00693 29.95 4.02 

Lignite  0.0120  1.16 1.102 
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Several graphs are also plotted in order to investigate the relations between strain parameters 

and other data. The aim is to obtain relations giving information about the particular strain 

values (ɛprepl, ɛfailure, ɛres). Lignite is not used in these plots since this material can be accepted 

as elastic-perfectly plastic and some of the parameters could not be found. Lignite material 

used in this study is a soil like material and strain values listed above have poorly compatible 

with the rock material data. Thus, lignite data is not used in the plots. 

 

Some proportions exhibiting considerable relations with acceptable values of R2 are shown: 

 

Ratio1= (ɛres-ɛprepl) / ɛfailure (sum of pre and post failure axial plastic strain till residual 

state)/axial strain at failure 

Ratio2= (ɛres-ɛfailure) / ɛfailure (axial strain occurred after failure till reaching residual strength)/ 

axial strain at failure 

Ratio3= (ɛres-ɛprepl) / ɛprepl (sum of pre and post failure axial plastic strain till reaching residual 

strength)/axial strain where the pre-failure plastic strain starts 

 

Abovementioned ratios best related with drop modulus, Dpf. The relations with considerable 

R2 are presented. All three relations are exponential functions. Relation between Ratio1 and 

Dpf is presented in Figure 4.21. Figure 4.22 is shown for Ratio 2 and Figure 4.23 is shown for 

Ratio3. All three relations are in the form of: 

Dpf=Aeb                      (4.24) 

The relation for Ratio1 has R2=0.82. Coefficient A=126751 and b=-2.91(Ratio1).  

 

The relation for Ratio2 has R2=0.90. Coefficient A=129454 and b=-3.87(Ratio2). 

  

The relation for Ratio3 has R2=0.83. Coefficient A=115021 and b=-2.08(Ratio3). 
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Figure 4.21 Dpf versus Ratio1 

 

 

Figure 4.22 Dpf versus Ratio2 
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Figure 4.23 Dpf versus Ratio3 

 

4.5.5 Summay of Results for Intact Rock and Discussions 

The mathematical expressions for intact rock is listed below in Table 4.3. 

Table 4.3 Expressions postulated in the thesis work with units and limitations for intact rock 

 Expression R2 Units Limitations 

1 Ei=192(σci)1.14 0.94 MPa For σci<90MPa 

2 Es=131(σci)1.17 0.95 MPa For σci<90MPa 

3 Dpf=0.25(Ei)1.87 0.98 GPa For Ei<25GPa 

4 Dpf=0.45(Es)1.84 0.99 GPa For Es<20GPa 

5 Dpf=814(σci) 0.94 MPa For σci<90MPa 

6 Dpf/Ei=12.98e-0.005(Ei/σci) 0.86 - For 200<Ei/σci<550 

7 Dpf/Ei=-4.35ln(Ei/σci)+28.34 0.88 - For 200<Ei/σci<550 

8 σcr/ σci=-0.2ln(σci)+0.93 0.88 MPa For σci<90MPa 

9 ψ(°)=77.1e-6E-04(Ei/σci) 0.82 (°) For 200<Ei/σci<550 

10 ψ(°)=80.93e-9E-04(Es/σci) 0.85 (°) For 150<Es/σci<400 

11 Nψ=58.23e-0.004(Es/σci) 0.81 - For 150<Es/σci<400 

12 Nψ=46.27e-0.003(Ei/σci) 0.77 - For 200<Ei/σci<550 

 

The empirical relations and the related validity ranges are summarized on the abovementioned 

table. Depending on the rock types covered, there are range limitations on uniaxial 

compressive strength, modulus of elasticity, secant modulus and modulus ratio. Upper range 

for the uniaxial compressive strength is associated with the hardest and the most brittle rock 

type included in the testing program. Obtaining post-failure stress-strain curve of high strength 

rock is harder, since the rock fails in brittle manner in which it shatters into pieces just after 

y = 115021e-2.08x

R² = 0.83

0

10

20

30

40

50

60

70

80

0 0.2 0.4 0.6 0.8 1 1.2 1.4

D
r
o

p
 M

o
d

u
lu

s,
 D

p
f
(×

1
0

3
M

P
a

)

Ratio3= (ɛres-ɛprepl) / ɛprepl

Rhyodacite

Glauberite

Granite

Quartzite

Dunite

Argillite

Marl



69 

 

reaching uniaxial compressive strength level. In regard to the stiffness of the loading system 

and limited range of lateral circumferential strain measurement, more brittle and harder rock 

specimens with high dilatancy response cannot be tested with current testing system. 

 

Post-failure characteristics, especially dilatancy angle is a function of confining stress. Also 

residual strength of rock is only measured under uniaxial loading condition. The residual 

strength envelopes are not available in the thesis. Triaxial compression tests were not 

conducted since this test requires special equipment. On the other side, obtaining post failure 

data under uniaxial compression has some difficulties like splitting or total breakage of the 

specimens after failure. Thus, there is a lack of unconfined post-failure data in the literature. 

In fact uniaxial loading condition is a common stress state around the walls of underground 

excavations since the tunnel walls are unconfined for an unsupported tunnel case and confining 

stress may be low for a particular distance from the tunnel wall. Dilatancy is at its highest 

value under uniaxial loading condition and hence strongly affects the tunnel wall deformation. 

Considering these conditions, uniaxial compression tests provide valuable information for the 

literature.  

 

In modeling work, Poisson ratio does not significantly affect the mechanical response of the 

model frame holding the structural problem. Poisson’s ratio is not involved in the study and 

relations are not investigated for pre- and post-failure state of this parameter. 

 

In some relations, R2 values are high as 0.98 or 0.99 but in the plots a scatter of the data points 

can be observed. These relations can be improved by using other statistical methods in further 

studies. Appropriate methods can be investigated and utilized.
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5 RELATING PRE AND POST FAILURE DEFORMABILITY   

CHARACTERISTICS OF INTACT ROCK AND ROCK MASS 

 

 

 

In numerical modeling one of the most frequently faced problems is to estimate rock mass and 

material properties. Therefore the most important issue on numerical modeling is the accurate 

estimation of rock mass and material properties. The deformation modulus of a rock mass is 

an important input parameter in any analysis of rock mass behaviour that includes 

deformations. Field tests to determine this parameter directly are time consuming, expensive 

and the reliability of the results of these tests is sometimes questionable, (Hoek and Diederichs, 

2006). 

 

To estimate rock properties one of the most common ways is the utilization of rock mass 

classification and characterization systems. Among those, GSI system is one of the most 

common systems used for rock mass characterization and to determine the input parameters 

for numerical modeling. 

 

There are numerous attempts to estimate rock mass modulus, Erm by several authors (Table 

5.1) and proposed empirical relationships for estimating the value of rock mass deformation 

modulus on the basis of classification schemes. Hoek and Diederichs (2006) summarized some 

of the studies correlating the field data and some of the measurements and they commented 

that most of these equations give reasonable fits to the field data. Hoek and Diederichs (2006) 

also states that all of the exponential equations give poor estimates of the deformation modulus 

for massive rock because of the poorly defined asymptotes or being poor estimates, (Figure 

5.1 and Table 5.1).
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Figure 5.1 Empirical equations for predicting rock mass deformation modulus compared with data 

from in situ measurements, (after Hoek and Diederichs, 2006). 

 

Table 5.1 Data and fitted equations for estimation of rock mass modulus plotted in Figure 5.1 (after 

Hoek and Diederichs, 2006). 

 
 

Based on data from a large number of in situ measurements from China and Taiwan a new 

relationship is proposed by Hoek and Diederichs (2006) in order to estimate rock mass 

modulus. The properties of the intact rock as well as the effects of disturbance due to blast 

damage and/or stress relaxation are also included (by considering disturbance factor D) in this 

relationship. 

Erm = Ei (0.02 +
1−

D

2

1+e
(

60+15D−GSI
11 )

)         (5.1) 

 

In this study, the equation used for estimation of rock mass modulus Erm, is assumed to be 

valid for linking the post-failure deformability behaviour between intact rock and rock mass. 

The equation for estimation of rock mass modulus (Hoek and Diederichs, 2006) is assumed to 

be applicable to complete stress strain curve of the rock for this study. 
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Dpfm is the drop modulus of rock mass, Dpf is average drop modulus determined from 

laboratory testing, D is the disturbance factor or can be called as blast damage factor. The 

equation for estimation of rock mass modulus (Erm) which is proposed by Hoek and Diederichs 

(2006) is adapted for this study in order to estimate rock mass drop modulus: 

 

Dpfm = Dpf (0.02 +
1−

D

2

1+e
(

60+15D−(GSI+GSIres)/2
11 )

)       (5.2) 

 

In the expression Ei (intact modulus of elasticity) is replaced by Dpf (intact drop modulus) and 

GSI is replaced by the (GSI+GSIres)/2.  

 

The determination of the GSIres at residual state is important.  It is better to determine at field, 

but this may not practically possible everywhere. As described in the literature review section, 

there is a correlation expression proposed by Cai et al. (2007) in order to estimate GSIres from 

GSI. 

 

The reason for replacing GSI parameter by the average form in terms of GSI and GSIres is that, 

just before the failure, GSI value is effective, and then with the failure of the rock mass  

reaching the residual state, GSI value is now effective as GSIres characterizing the residual 

state part. Falling portion of the stress-strain curve lies between peak strength point and 

residual state thus; the mean value of GSI and GSIres can represent the rock mass structure 

condition where the drop modulus of the rock mass, Dpfm, governs the stress strain curve of 

the post failure part till residual state. The applicability of the adopted expression and the 

assumptions associated with it is supported by verifications applied to results from field work 

of other researchers presented in the following parts. 

 

Rock mass strength at peak can be estimated by utilizing GSI chart and Generalized Hoek-

Brown failure criterion. Residual strength for rock mass  based on Generalized Hoek-Brown 

criterion can be estimated similarly with the use of residual entries for constants of the 

criterion. Rock mass failure criteria for peak strength can be estimated by utilizing GSI chart 

and Generalized Hoek-Brown failure criterion. Residual failure criteria of Generalized Hoek-

Brown for rock mass can also be estimated similarly.  

 

Generalized Hoek-Brown failure criterion is: 

 

σ′
1 = σ′

3 + σci (mb
σ′

3

σci
+ s)

a

        (5.3) 

 

“mb”, “s” and “a” parameters by means of “peak strength” for rock mass can be found by: 

 















D

GSI
mm ib

1428

100
exp          (5.4) 
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













D

GSI
s

39

100
exp           (5.5) 

 

 /15 20/31 1

2 6

GSIa e e             (5.6) 

 

Here “mb,res”, “sres” and “ares” parameters can be estimated by replacing GSI with GSIres values 

on the abovementioned equations.  

 

As indicated in the Chapter 2, Cai et al. (2004) presented a quantitative approach that employed 

the block volume Vb and a joint surface condition factor Jc as quantitative characterization 

factors. The quantitative approach was validated using field test data and applied to the 

estimation of the rock mass properties at two cavern sites in Japan. 

 

Cai et al. (2007) expressed the following empirical equation as a function of the GSI value, as; 

GSIres=GSIe-0.0134GSI (The investigated case histories have GSI values between 20 and 80), and 

related it to obtain residual failure criteria as; 

 

σ′
1 = σ′

3 + σci (mb,res
σ′

3

σci
+ sres)

ares

        (5.7) 

 

The terms in the failure criteria: 

 















D

GSI
mm res

iresb
1428

100
exp,         (5.8) 

 















D

GSI
s res

res
39

100
exp         (5.9) 

 

 3/2015/

6

1

2

1 
 eea resGSI

res
                  (5.10) 

 

σci is known as a “fixed” index parameter that is determined from intact rock specimens, used 

for normalization purposes. The idea of a residual value of this parameter does not make 

physical sense, (Crowder and Bowden, 2004). Thus σci is the same for peak and residual 

strength envelopes. 
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On the other side, Van Heerden’s (1975) study of pillar tests are taken into consideration for 

verification of the suggestions in the thesis. Other studies namely Bienawski (1968 and 1969), 

Cook et al. (1971) and Wagner, (1974) are not considered, since they lack of information about 

rock mass which is necessary for this study. They were mainly concentrated on w/h ratio and 

strength relations. Also, Van Heerden (1975) commented that his test setup was the most stable 

and sophisticated when it was compared to other test setups.  Van Heerden’s tests were applied 

on large hard coal specimens and complete stress strain curves were obtained and drop 

modulus values were reported. 

 

Secondly the study of Jaiswal and Shrivastva (2009) is also used since it provides valuable 

information. They studied Indian coal pillars and presented post failure characteristics of 

several cases. These tests are valuable since they involve post failure characteristics but lacks 

of information of the rock mass class. Thus, some back calculations were tried in order to 

obtain full data set, and hence the applicability of the proposed method for the thesis study is 

checked. Detailed calculations are shown below: 

 

Van Heerden (1975) obtained the data with ten experiments (specimens having a width of ~1.4 

m with a range of w/h ratios) and they are shown in Table 5.2: 

Table 5.2 The test results of Van Heerden’s (1975) experiments 

Experiment 

number 

w/h Strength 

(MPa) 

Erm (GPa) Dpfm 

(GPa) 

1 1.14 14.82 3.71 2.00 

2 1.15 16.69 4.59 0.87 

3 1.28 14.22 4.52 2.11 

4 1.31 15.14 3.33 1.72 

5 1.87 19.02 3.75 1.14 

6 2.13 19.40 4.26 0.91 

7 2.79 20.26 3.86 0.52 

8 2.79 20.58 3.62 0.70 

9 3.28 22.78 3.95 0.53 

10 3.39 25.05 4.29 0.55 

 

In another research: Jaiswal and Shrivastva (2009) reported the results for estimation of 

strength and drop (post failure) modulus of 14 Indian coal mine pillar tests with a wide range 

of w/h. They reported that the average rock mass modulus, Erm≈2GPa. They commented that 

there is a lack of detailed information on other rock mass properties and laboratory test results 

of Indian coal. Strength and deformability parameters of those 14 coal pillars in India, are 

listed in Table 5.3. σcm, Erm, Dpfm values in Table 5.3 were obtained by back analysis simulation 

of the pillars by Jaiswal and Shrivastva (2009). 
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 Table 5.3 Strength and deformability results of Indian coal pillars in the study of Jaiswal and 

Shrivastva (2009) 

Pillar 

number 

w/h Strength 

(MPa) 

Erm (GPa) Dpfm 

(GPa) 

1 0.8 4.9 2.0 1.84 

2 0.6 4.6 2.0 1.83 

3 1.3 4.1 2.0 0.66 

4 0.8 3.0 2.0 1.59 

5 0.6 2.5 2.0 1.48 

6 1.4 6.0 2.0 0.71 

7 2.1 6.4 2.0 0.51 

8 1.5 4.9 2.0 0.68 

9 1.4 4.7 2.0 0.73 

10 0.9 5.1 2.0 1.53 

11 1.6 5.0 2.0 0.66 

12 1.7 5.1 2.0 0.64 

13 3.0 6.3 2.0 0.45 

14 2.2 4.9 2.0 0.46 

 

In both researchers’ works, conducted by Van Heerden (1975), Jaiswal and Shrivastva (2009), 

rock mass (deformation) modulus values were observed not to be a related with w/h as it can 

be predicted. 

 

Drop modulus and w/h relation is given in Figure 5.2. Here, drop modulus of the rock mass 

Dpfm is strongly dependent to w/h ratio. Specimen no:2 (in Table 5.2) is excluded in Figures 

3.26 and 3.27 because of inconvenience with the other results.  

 

 

Figure 5.2 The relation of drop modulus of the rock mass and w/h ratio 
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Dpfm /Erm ratio is tried to be used as a parameter. When the Dpfm /Erm ratio is considered with 

w/h ratio, a more global relation is obtained which can be valid for both studies of Van Heerden 

(1975), Jaiswal and Shrivastva (2009), (Figure 5.3). 

 

 

Figure 5.3 The relation of ratio of elastic modulus to drop modulus of the rock mass to width to height 

ratio 

In Figure 5.3 a new equation is proposed in this study as follows: 

 

D
pfm

/E
rm

 = 0.5666(w/h)
-1.134                    (5.11) 

Abovementioned expression is constructed by using South African and Indian coals and may 

not be valid for other rock types. The expressions has R2=0.93 with 23 data points. This 

expression can be valuable since it is reported that the drop modulus of a pillar should be lower 

than the roof moduli for application of yielding pillar concept, (Van Heerden, 1975). 

 

w/h ratio has a considerable effect on the drop modulus of the rock mass, and in greater w/h 

values, confinement increases in the pillar, especially inwards. In the thesis study, strength and 

deformability parameters are determined by experiments in the w/h (or Diameter/Length) ratio 

of ½ or smaller. The values like modulus of elasticity, drop modulus are also the parameters 

obtained from uniaxial compressive testing. Thus, w/h =0.5 were considered in the study, 

eliminating confinement effect of high w/h ratio. Equation 4.11 will be used for w/h correction 

of field data. 

 

For verification purposes Van Heerden (1975)’s work on coal pillars is taken into account. 

Intact uniaxial compressive strength is the starting point since large scale loading tests and σci 

values are the only known parameters. 
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The intact coal strength, σci=39.3MPa is used as given in Van Heerden (1975) and Bieniawski 

(1968b). 

 

Since intact modulus of elasticity for coal material was not reported in Van Heerden (1975) 

then; the equation proposed in this study was used to calculate the value: 

 

Ei = 192(σci)1.14                      (5.12) 

 

Ei=12.48 GPa is estimated by Equation 4.12 as modulus of elasticity of intact South Africa 

coal specimens. 

 

Knowing Erm lies between 3.33 and 4.59 GPa for rock mass and estimated Ei as 12.48 GPa for 

intact state, the equation of Hoek and Diederichs (2006) was utilized for back calculation of 

GSI value for South Africa coal pillars in Van Heerden’s study (1975): 

  

Erm = Ei (0.02 +
1−

D

2

1+e
(

60+15D−GSI
11 )

)                    (5.13) 

 

GSI value is the only unknown in the abovementioned equation and calculated as GSI is in the 

range of 48-53. 

 

Dpfm is adjusted considering that Dpfm/Erm =1.243 for w/h=0.5 (Figure 5.3). The back calculated 

results of those back calculation of GSI and Dpfm range and measured Erm values are presented 

in Table 5.4. 

Table 5.4 Range of field measurements of Erm, drop modulus (Dpf,rm) and back calculated GSI value. 

Pillars in South 

Africa  

(Van Heerden, 1975) 

Erm (GPa) Dpfm (GPa)  

(for  w/h=0.5) Back calculated 

GSI value 

Minimum and 

maximum values 
3.33-4.59 4.14-5.71 48-53 

 

GSIres value calculated by using the Equation 4.14 which is proposed by Cai et al. (2007):  

 

GSIres=GSIe-0.0134GSI                     (5.14) 

 

Provided a very narrow range for GSIres as 25-26 for GSI values in the range of 48-53 

 

Data obtained from large scale tests are presented in Table 5.4. Now, Dpfm value will now be 

estimated by the correlations postulated in the thesis work and then it will be compared with 

field values: 
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σci=39.3MPa is known. Back calculated GSI values are in the range of 48-53. Ei=12.48 GPa 

is taken for intact South Africa coal material. 

 

There are five correlations postulated in order to estimate Dpf, for intact rock in the thesis work, 

(in Table 5.5). 

 

Based on the above input parameters and relations produced in this study and empirical 

relation (Hoek and Diederichs, 2006), drop modulus of the rock mass, Dpfm value range is 

found. The modified form of the expression for thesis study is given below: 

 

Dpfm = Dpf (0.02 +
1−

D

2

1+e
(

60+15D−(GSI−GSIres)/2
11 )

)                  (5.15) 

 

Table 5.5 Expressions produced in this study and calculated intact and rock mass drop modulus values 

for South African coal 

Correlations R2 Calculated Dpf 

(GPa) 

Calculated Dpfm for 

GSI= 48-53, (GPa) 

Dpf=814σci
 0.94 31.99 4.02-4.94 

Dpf=0.25 Ei
1.87 0.98 28.05 3.52-4.33 

Dpf=0.45 Es
2.18 0.99 28.55 3.59-4.40 

Dpf/Ei=12.98e-0.005(Ei/σci) 0.86 33.11 4.16-5.11 

Dpf/Es=-4.35ln(Ei/σci)+28.34 0.88 31.58 3.97-4.87 

 

There is a range of GSI and Dpf values. Thus, the estimated results and field values are given 

in Table 5.6 as a range and average and with a visual representation for comparison of the 

results, (Figure 5.4). 

Table 5.6 Estimation of rock mass drop modulus, Dpfm value range 

 

GSI 
Dpf (GPa) 

(Calculated) 

Dpfm (GPa) 

(calculated) 

Dpfm (GPa) 

(field value for 

w/h=0.5) 

Minimum and 

maximum values 48-53 28.05-33.11 
3.52-5.11 

Ave.(4.32) 

4.14-5.71 

Ave. (4.93) 
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Figure 5.4 Graphical representation of estimated and field values of drop modulus of rock mass 

 

The estimated values are close to the values obtained in the Van Heerden’s (1975) tests. Then 

it can be concluded that the findings in the study can be considered as acceptable.
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6 APPLICATIONS OF POST-FAILURE DEFORMABILITY BEHAVIOUR TO 3D 

NUMERICAL ANALYSES 

 

 

 

FLAC3D is a useful 3-D finite difference code which can handle strain-softening behavior of 

the rock mass. Thus, this program was decided to be used in the study. An application is 

presented on how to impose a strain softening behavior to a typical deformation analysis of an 

underground opening. 

 

6.1 Glauberite Rock Mass in Çayırhan Sodium Sulphate U/G Mine 

In order to construct a strain-softening model, firstly the behavior of the rock mass exhibiting 

the estimated deformability characteristics must be modeled. Then the properties and 

parameter combinations used in the calibration model can be imposed to the tunnel 

deformation analysis. 

 

6.1.1 Calibration of the Rock Mass  

A cylindrical rock mass with 2 m diameter and 4 m height is modeled and predicted stress-

strain curve for the rock mass is tried to be obtained. The model with 10000 finite difference 

zones and 33821 grid points is shown in the Figure 6.1. 
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Figure 6.1 Model of cylindrical rock mass 

The model is loaded with velocity boundary condition of 1x10-7 m/step from both sides which 

is a low value in order to minimize the influence of inertial effects on the response of the 

model. Slow loading prevents the unbalanced force from getting too high (i.e., controlling the 

inertial effects) which leads a better control over model behavior. The stress and strain is 

calculated by FISH functions of FLAC3D software which is the programming language of the 

program itself. Stress calculation FISH function is written by FLAC3D manual (Itasca, 2006). 

 

Input parameters must be estimated for the cylindrical calibration model. The measured data 

is shown in the Table 6.1. 

Table 6.1 Measured laboratory data and estimated GSI value in the field 

Parameter  

Unit weight 23.94 kN/m3 

Intact uniaxial compressive strength, σci 11.83 MPa 

Intact modulus of elasticity, Ei 6.26 GPa 

Poisson’s ratio, ν 0.13 

mi 20.81 

GSI 75 

 

The residual GSIres value can then be empirically expressed as a function of the peak GSI value 

(Cai et al.,2007): 

 

GSIres=GSIe-0.0134GSI          (6.1) 
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By utilizing the expression, the residual value of the GSI=75 is estimated as GSIres=27. 

 

Gen. Hoek-Brown constants mb, s and a for peak and residual strength of the rock mass are 

estimated by the following equations based on GSI (Hoek et. al., 2002). 

 












 D

GSI
mm ib 14

28

100
exp        (6.2) 

 

100
exp 3

9

GSI
s D

 
  

 
        (6.3) 

 

 /15 20/31 1

2 6

GSIa e e            (6.4) 

 

Deformability parameters Erm and Dpf,rm of the rock mass are estimated by relationship is 

proposed by Hoek and Diederichs (2006). 

 

Erm = Ei (0.02 +
1−

D

2

1+e
(

60+15D−GSI
11 )

)         (6.5) 

 

and the expression which is modified in this study: 

 

Dpfm = Dpf (0.02 +
1−

D

2

1+e
(

60+15D−(GSI−GSIres)/2
11 )

)       (6.6) 

 

Here, D represents the disturbance (blast damage) factor and assumed to be 0 (undisturbed) 

for the case study. Then the parameters of the failure criterions are estimated and listed in the 

Table 6.2. 
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Table 6.2 Estimated rock mass parameters for peak and residual state of the rock mass 

  Peak Strength 

(GSI=75) 

Residual Strength 

(GSIres=27) 

Generalized 

Hoek-Brown 

Constants 

mb 8.521 1.535 

s 0.0622 0.0003 

a 0.501 0.527 

Fitted Mohr-

Coulomb 

Parameters 

c′ 0.603 MPa 0.240 MPa 

φ′ 52.11° 38.50° 

ψ 13.60° 

Deformability 

Parameters 

Rock mass modulus, Erm 5.110 GPa 

Rock mass Drop modulus, 

Dpfm 

1.385 GPa 

 

In order to characterize deformability behaviour governed by the failure criterion and the 

parameters of Erm and Dpfm, some strain softening trends are tried to be fitted for both 

Generalized Hoek-Brown and Mohr-Coulomb failure criteria. In fact, a lot of strain softening 

combinations are tried for representing the predicted post failure characteristics. The best one 

representing the behavior is accepted to be used for tunnel deformation modeling work. 

 

In the thesis, developing a relation for rock mass dilatancy angle was not an aim and no relation 

is available at this time. In Mohr-Coulomb failure criteria application, dilatancy angle is 

selected to be around φ′/4, as a common judgment, (Crowder and Bowden, 2004).  

 

Strain softening case exhibiting the predicted character (Dpfm=1.385 GPa), perfectly plastic 

and a brittle failure model is imposed to the models in order to compare the different behavior 

models. In the plots, brittle and perfectly plastic failure behavior is also simulated since there 

will be a comparison in the tunnel analysis part. 

 

Plots of stress-strain relations as different behavior types for Generalized Hoek-Brown are 

shown in Figure 6.2 and for Mohr-Coulomb are shown in Figure 6.3. The data sets are named 

as “ss hb” (strain-softening Hoek-Brown), “perf.pl. hb” (perfectly plastic Hoek-Brown) and 

“brittle hb” (brittle Hoek-Brown). 

 

 



85 

 

 

Figure 6.2 Stress-strain plots for data sets belonging to Gen. Hoek-Brown failure criterion 

 

Figure 6.3 Stress-strain plots for data sets belonging to Mohr-Coulomb failure criterion 

The variations of the parameters with respect to increments of plastic strains are shown in 

Figure 6.4, Figure 6.5 and Figure 6.6. In these variations of parameters (mb, s and a) values 

vary from peak strength to residual strength. According to FLAC3D formulation, in strain 

softening of Hoek-Brown material, the plastic confining strain component, ɛ3
p is used and 

corresponding values of mb, s and a are introduced. In FLAC3D Manual (2009) it is 

commented that the choice of ɛ3
p is based on physical grounds. For yield near the unconfined 

state, the damage in brittle rock is mainly by splitting (not by shearing) with crack normals 

oriented in the σ3 direction. The parameter ɛ3
p is expected to correlate with the microcrack 

damage in the σ3 direction. 
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Figure 6.4 Variation of constant mb with plastic confining strain 

 

Figure 6.5 Variation of constant s with plastic confining strain 
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Figure 6.6 Variation of constant a with plastic confining strain 

For Mohr-Coulomb model, variations of parameters with respect to increments of plastic 

strains are shown in Figure 6.7, Figure 6.8 and Figure 6.9. For strain softening of Mohr-

Coulomb material, plastic shear strain increment parameter Δεps is used and corresponding 

values of cohesion, internal friction angle and dilation angle are introduced. The data sets are 

named as “ss mc” (strain-softening Mohr-Coulomb), “perf.pl. mc” (perfectly plastic Mohr-

Coulomb) and “brittle mc” (brittle Mohr-Coulomb). 

 

 

Figure 6.7 Variation of cohesion with plastic strain 
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Figure 6.8 Variation of internal friction angle with plastic strain 

 

 

Figure 6.9 Variation of dilation angle with plastic strain 

 

6.1.2 3-D Numerical Analysis of a Tunnel Stability in U/G Mine in Çayırhan  

The section of roadway passing through glauberite rock mass is modeled as a case study in 

FLAC3D inputting rock mass properties. Although excavation shape has square cross-section, 

in the model circular opening is used. Circular opening shape eliminates stress concentrations 

around the corners and provide smoother data. Since the numerical analysis application is 

conducted for observing the difference between brittle, strain-softening and perfectly plastic 

failure assumptions, circular opening shape can be used instead of using a square shaped 

opening. The opening has diameter of 5 m. The tunnel located at a depth of 90 m and in-situ 

stress is assumed to be hydrostatic (K0=1) for this case and σv= σh=2.16 MPa. This depth and 

field stress is too low to observe post-failure behavior of the rock mass. The field stress is used 

as σv= σh=8.64 MPa. Excavation length is 30 m. Symmetry is considered and a quarter model 

is constructed.  The boundary conditions, dimensions of the model is shown in Figure 6.10. 

Fixing conditions are shown for three surfaces of the model and fix conditions are the same 

for opposite surfaces. 
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Figure 6.10 Tunnel model, dimensions and boundary conditions 

Finite difference grid is shown in Figure 6.11. In the model, there are 41600 grid zones and 

44743 grid points which are finer around the excavation and coarser at the boundaries of the 

model. 
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Figure 6.11 Finite difference grid of the model 

In the analyses 30 m tunnel was completely excavated in the model. For interpretation of 

results, longitudinal displacement profile (LDP) with dimensionless parameters are presented. 

LDP is a useful interpretation method for tunnel displacement profile and there are benefical 

applications of LDP like Vlachopoulos and Diederichs (2009) did before. Since field stress 

loading is hydrostatic and opening shape is circular, radial displacements on the roof or walls 

are the same. Radial displacement, Ur is divided to radius of the tunnel, Rt , and dimensionless 

Ur/Rt in percentage (%) is used for illustration of convergence predicted to be occurred in the 

tunnel, (Hoek, 2001). If this value is greater than 10%, it points extreme squeezing problems 

and it is less than 1%, it means there may be few support problems, (Hoek, 2001). Tunnel 

length is given with dimensionless parameter Lt/Dt, length “Lt” is divided by tunnel diameter, 

“Dt”. Lt/Dt values smaller than zero are belonging to unexcavated section of the tunnel and, 

Lt/Dt values greater than zero are belonging to excavated portion of the tunnel section. tp is 

plastic zone thickness from the boundary of the excavation. 

 

Radial displacements around the walls of unsupported tunnel case reach their maximum value 

(Ur,max) at around 15 m away from the face. The LDP of the analyses are used to observe the 

difference between brittle, strain softening and perfectly plastic failure. Schematic 

representation and visual definition of parameters on a tunnel section are given in Figure 6.12. 
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Figure 6.12 A typical tunnel section with defined parameters 

The analyses results obtained by Generalized Hoek-Brown failure criteria are presented in 

LDP form in Figure 6.13 and by Mohr-Coulomb failure criteria in Figure 6.14. 

 

 

Figure 6.13 LDP of tunnel by using Gen. Hoek-Brown failure criteria 
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Figure 6.14 LDP of tunnel by using Mohr-Coulomb failure criteria 

As it can be predicted brittle failure mode in FLAC3D analyses are higher than strain-softening 

models. Imposing perfectly plastic failure leads to smaller displacements to occur. Table also 

reflects that the predicted displacements in brittle failure are higher than strain-softening 

failure. In perfectly plastic failure displacements are more or less in the same range for both 

criterions. 

 

The raw values of maximum radial displacements which occur around the tunnel excavation 

20m away from the face, plastic zone thickness (tp) measured from the tunnel boundary and 

normalized values of tp/Rt and Ur/Rt are listed in Table 6.3: 

Table 6.3 Comparison of maximum radial displacement amounts occurred in the excavation and 

plastic zone thickness 

FLAC3D Interpretation 

 Generalized Hoek-Brown Mohr-Coulomb 

 Brittle Strain-

softening 

Perfectly 

plastic 

Brittle Strain-

softening 

Perfectly 

plastic 

Ur,max/Rt 4.68% 1.00% 0.23% 0.66% 0.51% 0.24% 

Ur 11.81cm 2.54cm 0.61cm 1.67cm 1.30cm 0.61cm 

tp/Rt 0.66 0.28 0.20 0.48 0.34 0.20 

tp 165cm 70cm 50cm 120cm 85cm 50cm 

 

In most cases, engineers prefer to assume either brittle or perfectly plastic failure types for the 

analysis of rock engineering structures.  Imposing strain-softening failure with a calculated 

drop modulus reveals the existence of considerable difference between different failure type 

assumptions. For this case study, strain-softening failure case exhibits displacements up to 1/4 

of the brittle failure assumption by using Generalized Hoek-Brown failure criteria.  When 

displacements occurred in strain-softening failure case are compared to perfectly plastic failure 

assumption, displacements are up to 4 times greater. When Mohr-Coulomb failure criteria is 

used, a relatively narrow range of displacement data is obtained but still the difference is 
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considerable. The difference may change depending on the rock mass properties, excavation 

geometry and dimension or field stress conditions.
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7                          CONCLUSIONS AND RECOMMENDATIONS 

 

 

 

A- The main findings postulated for intact rock post-failure characteristics listed below: 

 

1. Laboratory testing to obtain stress-strain behavior under uniaxial loading was conducted 

on core samples of rock groups of different origin. Parametric expressions were 

proposed to relate pre-failure deformability (Ei) and peak-state intact strength (σci) to 

characteristic parameters of post-failure state of stress-strain curve for intact rock under 

uniaxial loading. 

 

2. Tangent modulus of elasticity Ei and secant modulus of deformation Es corresponding to 

the pre-failure stiffness of the rock samples were related to the intact rock strength σci 

by a power law of power b around 1.1 and 1.2, respectively. Stiffness represented by Ei 

and Es increased with increasing unconfined strength. 

 

3. Following a power law, drop modulus (Dpf) increased with increasing Ei and Es . Power 

b was around 1.9 and fitting quality was good for both moduli. Again with a good 

fitting quality Dpf linearly increased with σci. 

  

4. A logarithmic functional form related dimensionless Dpf/Es to Ei/σci with reasonable fit 

quality. Drop modulus/secant modulus ratio (Dpf/Es) varied in an approximate range of 

0.5 to 5.3 for Ei/σci ratios approximately between 600 and 200. Dpf/Es increased with 

decreasing Ei/σci ratio which was interpreted as a rock type with high σci and low 

stiffness.  

 

2. A logarithmic relationship was developed to estimate the residual strength. Ratio σcr/σci 

decreased with increasing intact rock compressive strength. σcr/σci was estimated to be 

around one for low strength rock types and around zero for high strength brittle rock 

types. 

 

3. Dilatancy angle which are averaged with respect to rock groups, lie between 57° and 72°. 

Number of tests to estimate dilatancy is quite high and dilatancy angle for all tests lies 

interestingly between 43° and 78° when the results for each rock sample are handled 

individually. Considering that secant modulus of deformation involves nonlinearities of 

pre-peak state, best results for dilatancy are obtained from the plots of dilatancy angle ψ 

in terms of Es/ σci
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B- In order to use in practical rock engineering works, intact post-failure parameters were 

related to rock mass parameters by modifying existing empirical equations. The main 

findings related to rock mass post-failure characteristics are listed below: 

 

4. In this content, Hoek and Diederichs’(2006) equation is modified as below: 

 

Dpfm = Dpf (0.02 +
1 −

D
2

1 + e
(

60+15D−(GSI+GSIres)/2
11

)
) 

 

5. For pillar design and stability investigations, the following equation in terms of pillar 

width/height ratio is produced by using the data provided by Van Heerden’s (1975) South 

African coal pillar tests and Jaiswal and Shrivastva’s (2009) work: 

 

Dpfm/Erm=0.567(w/h)-1.134 

 

 

6. A typical modeling example was processed to show application of proposed post-failure 

characteristics of rock mass in rock engineering. FLAC3D program was used in the 

analyses. In order to ensure a plastic state, higher far-field stresses than normally expected 

were applied to the model frame involving a circular opening. For the model varying 

extent of plastic zone around the excavation was compared by assigning brittle, strain-

softening and perfectly plastic failure type model material around the opening. Imposing 

strain-softening failure with a drop modulus calculated as above revealed the existence of 

considerable difference in displacements and plastic zone size of different post-failure 

mode assumptions.  

 

7. For strain-softening case with generalized Hoek-Brown post-failure mode, displacements 

are about 1/4 of the brittle post-failure mode assumption.  When displacement results of 

strain-softening post-failure mode case are compared to those of perfectly plastic failure 

mode, displacements are up to 4 times greater than strain-softening post-failure case. 

When strain softening with Mohr-Coulomb post-failure mode is compared to brittle and 

perfectly plastic post-failure modes, differences in the displacement results were in a  

relatively narrow range compared to the Hoek-Brown case. The differences observed and 

discussed here may change depending on the input related to the rock mass properties, 

excavation geometry and dimension or field stress conditions. 

 

C- Recommendations: 

 

1. The number and origin of samples covering wider range of rock strength should be 

increased to generalize the suggested equations. 

 

2. Post-failure triaxial compression tests provide valuable information regarding confining 

effects on post-failure strength and drop modulus; a similar work under confining 

pressure is suggested to be carried out. 
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3. The behavior of plastic zones and its extents must be validated by in-situ measurements 

in a real tunnel case. 

 

4. Relating pre- and post-failure deformability characteristics of intact rock and rock mass 

has some deficiencies and they should be validated by a field study. Then, an original 

relation can be proposed instead of modifying the existing equations.  In-situ tests 

characterizing post-failure rock mass stress-strain behavior may improve the basis of the 

suggested relationships here between intact rock and rock mass. 

 

5. Post-failure data belonging to intact rock experiments can be reanalyzed with other 

statistical methods and tests. Appropriate methods should be investigated and utilized for 

improving the quality of the relations proposed here. 

 

6. For the investigation conducted in this work, applicability, advantages and/or deficiencies 

of the Itasca PFC (Particle Flow Code) should be investigated. Itasca PFC or PFC3D 

program can be tried to be applied for the numerical analysis part of post-failure state 

problem. 
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Table A.1 Experiment results of each individual specimen 

Sample Sample code 
Ei  

(GPa) 

Es 

(GPa) 

Dpf  

(GPa) 

σci  

(MPa) 

σcr 

 (MPa) 
ψ(°) SHV 

Density 

(g/cm3) 

Rhyodacite BSGT-2-13K-44,35-45,15-1 9.85 8.16 47.2 46.9  65.43 46.41 2.50 
Rhyodacite BSGT-2-13K-44,35-45,15B 12.46 10.3 82.67 54.88   49.90 2.50 
Rhyodacite BSGT-3-B5-15,70-16,70A 12.95 11.827 37.88 60.93   51.55 2.53 
Glauberite TD1-1 7.36 4.92 6.08 9.96  63.83 10.64 2.56 
Glauberite TD1-2 6.88 4.437 7.56 7.9  59.81 5.49 2.56 
Glauberite TD1-3 6.21 4.86 2.63 7.17  52.19 3.34 2.56 
Glauberite TD1-4 7.27 3.956 5.48 10.16 2.86 61.32 11.08 2.56 
Glauberite TD1-5 5.2 3.378 2.74 6.12 1.18 58.02  2.56 
Glauberite TP3-1 7.38 6.045 4.95 19.05  56.08 30.83 2.30 
Glauberite TP3-2 5 3.689 4.11 16.01 9.08 47.91 26.97 2.30 
Glauberite TP3-3 4.57 3.101 1.83 14.26  57.35 24.39 2.30 
Glauberite TP3-4 6.45 4.718 2.83 15.85  58.94 26.74 2.30 

Granite RT-1 G E1 27 23.264 79.2 98.5 8.22 64.03 56.01 2.81 
Granite RT-1 G E2 24.59 18.873 55.46 78.31   51.80 2.77 
Granite RT-1 G E3 23 18.092 86.67 73.51  71.43 49.95 2.79 
Granite RT-2 Ç E1 21.45 12.354 72.63 70.08   52.00 2.65 
Granite RT-2 Ç E2 21.11 18.184 57.7 98.45   59.33 2.66 
Granite RT-2 Ç E3 25.61 22.268 75.8 118.84   63.29 2.67 

Quartzite-serie BH4-11.50-13.00 13.42 11.934 37.8 69.19  61.16   
Quartzite-serie BH4-19,50-21,00 10.45 7.251 14.6 23.66  66.88   
Quartzite-serie BH4-24.00-25.50 15.91 13.896 36.5 53.49  47.03   
Quartzite-serie BH4-29.50-30.50 26.2 22.093 51.97 72.52  62.40   
Quartzite-serie BH6-17.50-19.00 21.69 15.938 37.39 48.15 11.9 46.28   
Quartzite-serie BH6-23,50-25,00 12.5 11.298 38.51 41.24  64.34   
Quartzite-serie BH15-2,50-4,00 7.71 5.751 39.27 24.46  71.44   
Quartzite-serie BH15-13.00-14.50 1.59 1.198 13.54 9.32 1.36 71.76   
Quartzite-serie BH24-34.00-35.00 4.28 3.366 19.19 8.92 5.16 77.60   
Quartzite-serie BH31-21.00-22.50 23.1 18.734 52.04 59.82 40.2 65.65   
Quartzite-serie BH31-36.00-37.50 24.48 17.778 70.11 33.82 25 68.20   
Quartzite-serie BH39-19.00-20.50 13.36 9.389 38.53 36.97  56.20   
Quartzite-serie BH40-96.00-97.50 23.76 16.591 47.72 46.26     
Quartzite-serie BH44-13,5-15,00 8.87 7.924 3.78 12.43 4.78 54.79   
Quartzite-serie BH45-77.50-79.00 13.24 9.423 17.48 22.54  55.09   
Quartzite-serie BH46-9.00-10.50 16.64 11.754 41.95 18.99 9.35 64.65   
Quartzite-serie BH47-6.00-7.50 12.79 10.297 19.79 37.84  73.28   
Quartzite-serie BH47-10.50-12.00 3.89 3.113 10.26 6.68 1.7 51.34   
Quartzite-serie BH47-39.00-40.50 21.69 17.506 44.19 92.79  70.35   
Quartzite-serie BH47-48.00-49.50 19.99 13.706 35.26 102.37     
Quartzite-serie BH49-30,0-31,0A 18.26 14.174 26.88 63.95     
Quartzite-serie BH49-43.00-44.50 17.74 14.817 58.14 71.56  65.68   

Dunite 2 16.33 11.7 37.67 35.66 10.5 62.15 40.54 2.49 
Dunite 19 3.728 2.727 2.7 16.96  54.15 25.58 2.42 
Dunite 20 2.787 2.002 2.769 10.23  59.14 13.46 2.46 
Dunite 24-1 9.78 8.26 8.339 34.24  60.45 33.19 2.78 
Dunite 24-2 3.047 2.834 2.895 7.85 1 65.41 2.68 2.68 
Dunite 126 4.286 2.621 4.4 4.09 1.76 47.27  2.67 
Dunite 145 1.301 0.849 1.622 3.31 2.07 42.91  2.44 
Dunite 162 9.826 6.196 3.993 18.44  56.51 21.22 2.70 
Dunite 31 7.624 5.205 26.082 20.22 3.9 63.73 29.04 2.44 
Dunite 33 2.447 1.755 0.807 5.13  49.22  2.40 
Dunite 60 17.191 12.269 44.625 29.18 2.41 76.00 34.53 2.56 
Dunite 70 12.802 10.705 39.291 20.14 7.03 68.87 26.29 2.56 

Argillite 1 9.239 5.499 8.338 30.43 8.33 60.30 31.46 2.74 
Argillite 2 10.573 8.704 40.029 38.27 12.3 67.97 35.89 2.77 
Argillite 3 17.379 11.152 11.326 34.38 14 60.66 33.28 2.78 

Marl 1-1 2.551 2.21 4.649 21.28 6.9 71.71 41.20 1.94 
Marl 2-1 15.269 10.496 10.348 22.47 5.09 70.74 43.13 1.91 
Marl 2-2 11.701 8.685 6.575 15.13 4.94 69.55 34.46 1.91 
Marl 2-3 15.449 12.099 11.62 23.59 3.9 71.79 43.79 1.93 
Marl 2-4 7.244 4.916 6.073 13.7 3.68 70.98 31.90 1.92 
Marl 2-5 7.353 3.791 3.895 11.8 5.8 67.79 28.60 1.92 
Marl 3-1 10.671 9.314 38.45 50.7 1.29 68.64 52.43 2.31 
Marl 3-2 13.755 9.394 39.132 53.35 2.9 65.14 53.53 2.31 
Marl 3-3 11.902 9.552 62.865 55.02 5.34 70.59 54.14 2.31 
Marl 3-5 4.489 4.211 10.748 27.81 3.71 67.74 44.37 2.07 
Marl 3-6 11.372 6.707 19.802 22.84 4.3 62.72 42.64 1.95 
Marl 4-1 4.619 3.903 20.265 32.53 3.34 67.69 47.63 2.08 
Marl 4-2 4.399 3.773 12.469 33.26 2.93 62.03 48.03 2.08 
Marl 4-3 5.661 4.939 22.183 35.66  65.59 48.22 2.14 
Marl 4-4 9.549 7.647 40.292 30.07 3.16 69.22 47.35 2.01 

Lignite JT-2 53.80-56.70 0.143 0.088 0.012 0.722 0.705  11.76 1.26 
Lignite esa10-22-27 0.222 0.177 0.0085 1.77 1.7  22.90 1.36 
Lignite esa16-12-15 0.075 0.05 0 1 1  22.78 1.33 
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C APPENDIX B 

D  

E  

F EXPERIMENT MINIMUM AND MAXIMUM VALUES 
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G APPENDIX C 

 

 

ROCK SAMPLE PHOTOGRAPHS 

 

 

 

 

 

Figure C.1 A typical rhyodacite sample (BSGT-2 44.35-45.15 A) 

 

 

Figure C.2 Typical samples of glauberite (TP3-1 and TP3-2) 
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Figure C.3 Granite samples (RT-2 C E1, E2 and E3) 

 

 

Figure C.4 Dunite samples (Sample codes 19 and 60) 
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Figure C.5 All argillite samples used in the study. Two of the samples are short due to coring through 

a fractured mass 

 

 

Figure C.6 Four marl samples (4-1, 4-2, 4-3 and 4-4) 

 

Figure C.7 Lignite samples in corebox (JT-2 53,80-56,70) 
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