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ABSTRACT

NUMERICAL INVESTIGATION OF BRACES AND REPLACEABLE
LINKS FOR STEEL FRAMES

Kazemzadeh Azad&bina
Doctor of PhilosophyCivil Engineering
Supervisor: Prof. DiCem Topkaya

February 2021288 pages

Concentrically braced frames (CBFs) and eccentrically braced frames (BEBFs) a
among popular lateral load resisting systems for steel structures. The present study
investigates different aspects of these systems. The part devoted todgBfsswith

a compehensive review of researgfhere 22 future research needs are identified
and presented. This fellowed by an experimental study on the loycle fatigue
behavior of links, which are the most important members of an EBF. Results of the
experimental studare thencombined with a comprehensive database of previous
experiments aailable in the literature and synthesiziedcalibrate a cumulative
damage law for estimating teghausted as well #seremaining life of a link during

an earthquakeA simple 8step algorithm was outlined which utilizes tieveloped
damage law for eshating the accumulation of damage as well as the instant of link
fracture in nonlinear time history analysis under earthquakeced loading
histories. The algorithm can also toibute significantly to the decisiemaking
process of the postarthquakeeplacement of EBF links

In addition,in the EBF part of the thesia,replaceable link detail with a maplice

connection(referred to herein as the detachable replaceable link conio=gently



developed at METUjs numerically investigated.After reviewing the previous
experiments conducted on the conceptpmprehemge parametric studis carried
out and adesign equation is developed for estimatingakial force that the mid
splice connectiorcan experienceue to large link deformations andderestraint
effects.In order to further investigate the applicatiorited proposed detail for larger
(deeper) shear linkshan those previously testednother set of sophisticated
simulationsis conducted.The analysigesultsfurther suggestthe potenal of the

detachable concefdr practical applications.

For the CBF prt of the thesisfirst, the seismic design rules recommended by
American and European provisions are thorougiewed andomparedA series

of CBF archetypes are then designededasn American and European provisions
and subjected to a large seteafithquakes in order to investigate and compare their
seismic performance®esults of more than 800 nonlinear tHmstory analyses
reveal that the differences which exist between ethpovisions can lead to
significant differences in the observed seismperformancesThe most notable
difference is the occurrence abfsstory behavior at the top stories of the CBF
archetypes designed accordingBuoropeanprovisions. Possible reasofw this

phenomenon are investigated and recommendations are provided.

In the last part of thehesis the effe¢ of rapid shortening of braces during
earthquakes on the seismic behavior of ChBdsnvestigated.Axially loaded
members might experience cprassive forces above their static buckling capacity

as a result of dynamic buckling under such rapid shorteniAg#heoretical
background on the topic is provided followed by a comprehensive parametric study
considering seval CBF configurations underlarge set of earthquakeResults of

a total of 1600 nonlinear tirA@story analyses are utilized to demonstrate the
frequency of occurrence and importance of this phenomenon particularly for the
capacity design of columns, dras, and gusset plates of GBFhe implications of

these extra forces were discussed, and a simple formula was developed which can be

Vi



used for the estimation tiieultimate brace force (considering the dynamic buckling
effect) during the capacity desigh CBF systems

Keywords: Eccentrically Braced Frames Concentrically Braced Frames,
Replaceable Linkd,ow-Cycle Fatigue, Dynamic Buckling
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CHAPTER 1

INTROD UCTION

1.1 General

Steel frames are used in structures as gravity and lateral load resisting systems. Two
of such lateral load resisting systems @acentrically braced framg€&BFs) and
eccentrically braced frame&BFs). As shown irFigure 1.1, both systems utilize

brace members, however, in EBFs the braceglaced in an eccentraonfiguration
thatcreates small segments in fhemewhich arecalledlinks (shown withe in the

figure).

CBFs have been quite popular since the 1960slynbatause of their economic
advantages over moment resisting frames (MRFs) particularly in cases where the
drift requirements govern the design. Furthermore, bieacnlumn comections of

MRFs suffered premature fractures in the 1995 Kobe and the 199HriNge
earthquakeg§l, 2]. In the aftermath of these earthgeskconsiderable research and
development projects were conducted in the UBadaEurope, and elsewhere to
develop new moment connections that have sufficient strength, stiffness, and
ductility to perform satisfactorily during future strong seismic evedbwever, the

new MRF connections and the modifications made to then existiognent
connections have caused their cost of construction and inspection to increase
significantly, making the use of CBFs even more econominathis structural
system, thenput earthquake energy is mainly dissipated by the braces through
complicatectyclesof yielding in tension and buckling in compression.

EBFs, on the other handgerefirst introduced for seismic applicationstime 1970s

in Japar3, 4] andare generally considered as a hybrigtegn integrating the
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advantagef both MRF and CBF lateral load resisting systems into a single
structural systemThey typically have relatively high lateral stiffngsemparable

to CBF9 and considerably high energiissipation capacitiegcomparableto
MRFs). Unlike CBFswhere brace buckling can create pinched hysteretic loops, in
EBF systems yielding is concentrated only at links and all other members of the
frame are proportioned to remaessentially elastic. Therefore, during severe
earthquakes, links serve as struatuuses dissipating the seismic input energy
through stable and controlled plastic deformations, resulting in relatively high energy
dissipation. Furthermore, EBFRsffer larger architectural openings compared to
CBFsas schematically depicted Figurel.1.

While both CBF and EBEBystems are typically wetkecognized by resezhers and
practicing engineers, there remain many aspetthemthat have not been fully
explored. The present thesis is therefore an attempt to address a number of these less
studied aspects which were identified at the start of the project througlmaimary
investigation.These are discussed in the daling section.

1.2  Objectives and Scope

The first issue noticed during the preliminary investigationtivasack of a research
review on the studies conducted on EBH only comprehensive literature review
on the topic was found to hmublishedin the late1980s[5] when researchers had

just started to realize the potential of EBM&ny more stdies have beenarried



out since then on EBFLonsequently, it wadeemed fruitfulto first conduct a
comprehensive review of research on eccentrically braced $reomsidering both
component level and system level studiascha reviewstudy alschelped identify

other research gaps.

One of the major research gaps identified was the lack otyole fatigue(LCF)
testsand calibrated damage laws tBF links.As mentioned earlier, links in EBFs
are subjected to large inelastic cyclic actions durimthgaakes. A major concern is
the possibility of link fracture during such events which, for instanespbserved

in the 2011 Christchurch earthquake in N&galand[6]. Although this issudas
beenknown to researchers and engineers, strdgiatard methods for estimating
the fracture life of a link hae not been developed. In other wordist a given link
rotation history under an earthquake, thererar@ractical methods for predicting
whether the link would fracture or not; except highly sophisticated finite element
analysis(FEA) methods considering eximely refined meshes (in the order of 0.1
mm) [7]. Thereforea part of the present thesis was focused on coinguow-cycle
fatigue tests and calibrating a damage law for predicting the fracture life of links.

An emeqging topic in the field of EBFs iheconcept ofeplaceable linksvhere the
link segments areesigned and detail in a way that they can be easily replaced
after a severe earthqual@everal details have beproposedn the last decades
depicted inFigure 1.2, including those developed at Middle Easechnical
University (METU)[S, 9].

Figurel.2. Some of the geviously developed replaceable link details



Figurel.3. Detachable replaceable link détai

A special type of replaceable link, namelgtachablereplaceable linkis under
development at METWhich is based osplicing the link at its midength in order

to facilitate the link replacement procedafter an earthquake where the structure
will most probably have residual drifts. As shownFigure 1.3, by adjusting the
mid-splice detail it is possible to replace the link under different levels of-post
earthquake residual drifts. An issue not addressed in the experimentalastudy
METU isthe level of axial force required for the design of theceptonnection. As
schematically shown irFigure 1.4, large axial forces can develop in K&
experiencing high levels of link rotation anglg [10]; i.e. the angle between the
link and the beam outside of the link. This axial force is critical antl blea
accounted for in the design of the splice connection of the detachable replaceable
link detail (Figure 1.3). Another important issue was alstservedduring the
experimental studyt METU. The behavior of th proposed detaivas mainly
investigatedoy testingrelatively shallow links witran HEA160 section. Only one
deeper specimen with an HEA220 section was test&dETU, which exhibited a
significantly lower rotation capacity than previously tested contgpadanks. This
raised the question of whether theeggnce of the midplice connection was
responsible for the premature fracture and whether the details can be employed in
practical applications where deeper link sections are utilized. Inwlitie this,
another part of the present thesis investigatestlre issues discussed above
regarding the detachable replaceable link detail;i).eéhé level of design axial force

and (i) the behavior of deeper msgpliced links.
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As mentioned earlier, in addition to EBFs, some aspects of concentrically braced
frames (CBFs) are also investigated in the present thesis. An issue which was noticed
during the preminary investigations that the provisions used in the United States
and Europe for the seismic design of CBFs are substantially different. While both
design approaches are intended to result in structures with comparable performances
during a major ednguake, there are, in some cases, stark differences between the
design pHosophies. Since there were no studies directly comparing these
differences and their effects on the seismic behavior of Cipait of the present

thesis was focused on this issue.

Anotherinterestingssue noticeduring the preliminary investigation is the effect of
dynamic bucklingof braceson the seismic behavior of CBF#xially loaded
members might experience compressive forces above their static buckling capacity
as a resulof dynamic buckling under rapid attening.This is schematically shown

in Figure 1.5 for an elastic steel rodhere higher buckling loads are attained when
the rod is subjected to fastshortenings It should be emphasized that this
phenomenois because of the inertia effect of the mass of the rod amat duie to

the strain rateffect which can increase the material strengtthough the subject

is studied in the context of engineering mechanics, it has not been thoroughly
investigated in the field of earthquake engineering. Such dynamic overshoots in the
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Figurel.5. Dynamic buckling in an elastic steel rod

compressive capacity can also be observed for braces of CBFs during earthquakes
which could in turn, affect the seismic performance of these systeimstefore, the
final partof the present thesis a comprehensive numerical investigation on the

dynamic buckling of CBF braces.

1.3  Thesis Organization

In addition to the Introduction chaptengpresent thgis containsix more chapters.
EBFrelated topics are studied @hapters2 to 4, while CBFrelated topics are
investigated irChapters and®6.

In Chapter2, the abovaliscussed comprehensive review of research conducted on
EBFs is presentedhich contains over 240 references.

Chapter3 contains the results of a series of {oycle fatigue tests on EBF ke as
well as calibration of a damage law for predicting the possibility of fracture in these

members during an earthquake.

In Chapted, the results of the numerical investigation on the behavior of detachable
replaceable links are presented where the axial design force for thdetauk as

well as the behavior of deeper rggdliced links are studied.



The seismic behavior of CBFs designed following the American and European
provisions are compared and invgated numerically il€hapter5 using extensive
nonlinear time history analyses.

In Chapter6, the phenomenon of dynamic bucklinglwbces and its effect on the
seismic performance and design of CBFs is studies numerically.

Finally, the onclusionsof the studyare summarized i€hapter?.






CHAPTER 2

A REVIEW OF RESEARCH ON STEEL EBFs

As discussed in the previous chapter, a part oftindywas allocated to conduct a
comprehensive review of research BBFs Considering that the present thesis
investigates a number of different topics on EBFs and CBFs, it was decided to
include the comprehensive literature review on EBFs as a separate chapter (i.e.
Chapter2), whereas at thentroductionof each following chapter a shorter, more
focused, reviews presented which summargthe studies related more directly to

the topic under investigation in thatapter.

2.1 Introduction

The main idea in the design of an ecdeatly braced frame (EBF) is to integrate

the advantages of both moment resisting frame (MRF) and concentrically braced
frame (CBF) lateral load resisting systems into a single structurahsy$the EBF
system originated from Japan in 1978s4] with the aim of achieving a structure
with high elastic stiffness as well as high energy dissipation during severe

earthquakes.

There are several configurations for an EBF system, some of which are depicted in
Figure 2.1 along with their expected plastic mechanisms. Larger taathral
openings can be used with EBF systems when compared to CBFs. The short segment
of the frame generally designated by the lerggfRigure2.1) is called the link. In

EBF systems, yielding is concentrated only at link segments and all other members
of the frame are proportioned to remain essentially elastic. Therefore, during severe
earthquakes, lirdkk can be considered as structural fuses whichdgsipate the
seismic input energy through stable and controlled plastic deformations.
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A comprehensive review is provided in tlasisapteron the behavior and design of
eccentrically braced frames. The review includes research conducted on links, as
they comprise the most critical elements of an EBF. In addition, the research on EBF
system reponse is elaborated. Areas of future research needs are also identified. The
comparison of design provisions as presented in various design specifications is out
of the scope of thisnvestigation however, the AISC Seismic Provisions for
Strucural SteelBuildings [11] are mentionedhroughoutthe chaptetto illustrate

relationships between research findings and design rules.

2.2 Characteristics of Links

221 Yield Behavior, Shear Capacity and Overstrength

The length of a link segmeng)(is one of the key parameters that controls the
stiffness, strength, ductilityp QG EHKDYLRU RI DQ (%) V\VWHP 7KH OLQ|
= e/(Mp/Vp), whereMp andVp are the plastic moment and plastic shear capacities of
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the link, provides a convenient nse@e for the yield behavior. The frbedy

diagram of an isolated link is shownFigure2.2. Based on equilibrium, considering

equal end moments akthiltimate state, no momesttear interaction, and an elastic

perfectly plastic material, the theoretical dividing link length ratio betweears
GRPLQDWHG DQG IOH[XUH""RPLQDWHG EHKDYLRU LV !

MLC >MR

Figure2.2. Freebody diagram of an isolated link segment

\% \%

In short (or shear) links, shear yielding of the web is found to be predontigurig(
2.3a). On the other hand, in long (or moment) links, flexural yielding controls the
link behavior Figure 2.3c). An intermediate link, however, would experience a
combination of both shear and flexural yieldirkggure2.3b).

Figure2.3. Failure mechanisms of (a) short, (b) intermediate, and (c) long links

(photo courtesy of. Okazaki)

There are substantial differences between the behavior of short and long links.
Although longer links provide more architectural freedom for openings, early
experimental studies by Roeder and Pofd® 13] and Hjelmstad and Pop¢¥4,

15 showed that the performance of short links is considerably better than that of
long links under severe cyclic loadings in terms of strength and ductility. Over the
years Popov and his colleagydsl, 16-18] suggested different practical limiting

11



lengths for shear dominated behavior, finally arrivingdKH OLPLW RI ! ZKLFK
is still in use in many design specifications including AISC-28111].

7KH ILUVW FRPSUHKHQVLYH VWXG\ RQ WKH EHKDYLRU RI L
1.6) was conducted by Engelhardt and Pdd®}in 1989. A total of 14 tests were
conductéd on 12tweWKLUG VFDOH VXEDVVHPEODJH VSHFLPHQV ZLV
to 4.25. Based on the experimental results it was concluded that a gradual transition

from the sheadominant behavior to thilexure GRPLQDQW EHKDYLRU RFFXUV
increased from .B up to 3. Despite this, in most of the previous andeatirr

specifications (e.d.11, 20]), links with length ratios of 1.6 ! DUH FODVVLILHG

as intermediate links while li'Kk ZLWK ! ! DUH JHQHUDOO\ UHIHUUHG \
It is important to note that the presence of high axial force in a link may change this
categorization, as discussed $ection2.2.3 Engelhardt and Popo[19] also

reported that momershear interaction has a notable effect on the behavior of

intermediate links, while short anong links are generally unaffected.

Terms such as very short and very long linksaége used in the literature. Although

WKHUH DUH QR H[SOLFLW GHILQLWLRQV OLQNV ZLWK ! !
very long linkg[19,21] ZKLOH OLQNV ZLWK ! [22DIX 2912 Uinity KRUW OLQN\
element (FE) analyses atucted by Daneshmand and Hashé2i] demonstrated

that the behavior of very long links can differ notably from that of long links in terms

of failure mode and ductility, and thus, dividitige long link range in design codes

into two or more swpegions was suggested. Furthermore,mestudies (e.d.22])

have proved that there are also other remarkable differences bethveen

characteristics of very short links and short links, which will be discussed later.

The nominal shear capacity,j of a link can be defined as folloys1]:

V. Min[V, 2M,/é (2.1)

where the plastic capacities (i¥» andMp) are calculated based on the nominal
yield stressFy. For links with length ratios less than 2.0 the first term will govern;
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however, for longer links the second term is domini order to meet the objectives

of the capacity design approach, it isessary to estimate the maximum shear force
that can develop in a link during an intense loadingViex Consequently, other
structural members shall be designed to remaanéisdly elastic and resist the loads
developed by the fully yielded and strdniardened link. Any underestimation of the
maximum link force may lead to unfavorable failures in other members. To have a
reliable estimate dfmaxthe link overstrength conceys generally utilized as follows:

Vi 1 (RV) 1V, (2.2
whereRy is the ratio of expected to nominal yield stress, considered for each steel
grade based on statistical da¥a,is the expected (axctual) shear capacity of the
OLQN DQG LV WKH RYHUVWUHQJWK IDFWRU GXH WR
studies by Popov and his colleag(&g 14, 19, 23, 24 VXJJHVWHG WKH YDOXH
1.5 for design purposes, which is still (implicitly) in use in most seismic design
specifications (e.g[11, 25]). The link overstrengths observed in the previous
experimental studies on horizontakhaped links[14, 19, 22, 23, 26-47] are
presented ifrigure2.4. The traditional line of is also depicted in this figure.

It should be mentioned that the valueVffor every data pointsicalculated using

the measured properties reported in the original reference. Only cyclic test results for
links with Fy > 200 MPa are included in the figure. A summary of the experiments
conducted between 1983 and 2002 on EBF links is also presentechiayd3[48]

in his dissertation. Most of the links tested by Popov and hisacple§14, 17, 19,

23, 27] were constructed from A36 steel, while links witblmer strength steels such

as A709 and A992 were tested later by other researchers such as M¢B3niel
Okazaki and his colleagu¢l9, 41], Mansour et al[49], and Dusicka et a[44].

Shear links constructed from leyield-strength steels were also tested more recently
by Dusicka et al[44] and Ji et al[22].

13



Figure2.4. Link overstrength factors reported in different experimental studies

As can be seen iRigure2.4, thevalue of seems like a reasonable upper

ERXQG IRU OLQNYV ZLWK ! +RZHYHU atds¥daYorRYHUVWUHQ J
VRPH LOQWHUPHGLDWH OLQNYV ! VmaxBDQV&YyGUDVWLFDOC
VKRUW OLQNV ! gakarddfet tieseHliserdpamtidd) Whidh can be

summaized as follows.

Using a constant value of 1.5 for the overstrength factor neglects the effect of
momenishear (MV) interaction. However, the study by Engelhardt and P¢pgv
proved that this interaction can be important fodMiiH UPHGLDWH OLQNV ZKHUH

lower than 1.5 were observegigure2.4).

The nominal shear capacity of short links is generally calculated baskd omlb

area, neglecting the contribution of the flan§jg$. However, as mentioned by
McDaniel et al[32], in short links with relativelshick flanges, there is a significant
shear force carried by the flanges. Manheim and Ppi@phandRichardg48] have
proposed methods for determining the link plastic shear capacity considering the
flange effect. Through nonlinear FE analysis of isolated links, Rich@ls
demonstrated that the overstrength factor of 1.5 is a reasonable limit even for very
short links, provided that the flange effect is included in determMingiowever,

the same conclusion was not reached whewique test results on short amdry

14



short builtup links[29, 30, 32, 50] were examined. The calculated overstrengths for
these links decreased slightly by including the flangecefie determiningVe;
however, they were still significantly higher than 1.5 for most cases. Rid#&dds
attributed this discrepancy to the presence of other factors, $tmdéange effect,

in experimentalstudies. In 2007, Okazaki and Engelhdi@d] reported the test
results for a total of 37 links constructed from ASTM A992 steel. Although not very
short, some of the specimemad very high ratios dheflange to web area{/Av).
These specimens however did not exhibit overstrengths substamgaky than 1.5.

On the contrary, other recent results by Ji ef28)] indicated that v short links

with even lower flange to web area ratios could achieve remarkably high
overstrengths, in some cases even over 2fdrtAer numerical investigation by Ji

et al.[22] revealed that for the tested specimdres shear contribution of flanges
could be as much as W2 However, it was concluded that other factors in addition
to theflange effect are influential in causing the observed high overstrengths. Thus,
it can be deduced that the numerical and experiingnidies are inconclusive about

the contribution of flanges to the link overstrength.

If axial restraints are present aetlnk ends, tension can develop during shearing,
due to nonlinear geometric effects, especially at high rotation ajgegFigure

1.4). In 2012, this crucial issue was investigated by Della Corte ¢1L@lusing
detailed FE analyses considering both geometric and material nonlinearities. Based
on the numerical results it was concluded that the presence ofestiaints can
significantly increase the overstrength {@p15% increase was reported in some
models) especially for short links. In a more recent study, Ji[@2hklso mentioned

that restraining axial deformations of very short links by adjacent members can
create nomegligible axial forces in these links and affect their behavior
significantly.

Another possible cause for the very high overgiths observed in some tests is the
excessive cyclic hardening of steel due to very large plastic strains. This idea was
introduced recently by Ji et §22] on the basis of an experiment conducted by Kasai

et al.[5]] on stocky short steel panels in which hardemagtinued to very large
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shear angles. Based on this observation, Ji ¢23l.proposed tat the very high
overstrengths reported for very short links are related to their high rotation capacities.
These links experience large plastic rotagi¢substantially higher than 0.08 rad) and
consequently their webs are subjected to excessive sheas stthich may lead to
excessive cyclic hardening. A refined FE analysis by Ji 23lon very short links
revealed that for a link plastic rotation of the order of 0.15 rad the cyclic hardening
effect can increase the shear strength loptB0%.

The combined effect of the abereentioned factors should be considered for each
link in orderto have a reasonable estimate of its overstrength. Nonetheless, reasons
behind some of the unusually high overstrengths reported in the literaues siin
unclear. For instance, Dusicka et[d4] observed ogrstrengths of about 5.0 in their
experiments on very short links constructed from-{o@ld-strength stel , = 100

MPa) without web stiffeners. Such cases require further investigation.

Based on the numerical and experimental works of Berman and Biin2ez6] the

use of builtup box (or tubular) links is also permitted by AISC 341[11]. A
comparison between the test results reported by Berman and Bfoogaith the
numerical data presented by Richajd§| revealed that the overstrength factor of
built-up box links is typically higher than that e$hapedinks, by about 11%. It is
worth noting that the use of hollow structural sections (HSS) as links is prohibited
by AISC 34110 [11] due to their questionable performance in terms of low cycle
fatigue life under large straifiS7]. In addition, as explained in Berman and Bruneau
[54], the longest shear link that can be constructed from a common HSS is about 460
mm, which is rather short and will cause congested details as well as gkry hi
rotation demands at the cedpecified drift level.

2.2.2 Link Rot ation Demand and Capacity

The expected plastic mechanisms of EBF systems are depidtéguie2.1. The
angle between the link and the beam outsidéheflink is termed as the total link
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URWDWLRQ DQJOH DQG LWV LQHODVWLF SDUW DV W
( p). In general, the inelastic rotation capacity of a linfk%* is defned as the

maximum inelastic rotation anglee. excluding the elastic portion which is usually

less than 0.01 rad) sustained by the link during a cyclic test, for at least one full cycle

of loading, before the shear resisted by the link drops beloedefmmed limit. This

limit can be quantifieds 80% of the maximum link shear recorded during the cyclic

test (0.8may, the plastic shear capacitypf, or the codespecified nominal shear

strength of the link\() [22, 38, 49, 58]. Figure2.5 shows an example ofsing the

first définition for determining the inelastic rotation capacifyf'®) of a specimen

tested by Okazaki et 4B7].

Figure2.5. Inelastic link rotation capacity forlimk specimen

Experimental studies have shown that the rotation capacity of links depends
significantly upon several factors such as the link length ratio, loading history,
compachess and web stiffening. A summary of findings from the experimental
studieson horizontal 1shaped linkg14, 19, 22, 23, 26-47] is given inFigure 2.6.

The figure includes links witlry > 200 MPa subjected to various cydoading
histories. It should be mentioned that a few monotonic tests were also conducted on
links [23, 26, 35, 36, 45, 59] which demonstrated rotation capacities between 0.19 ~
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0.42 rad. Short links exhibit higher rotation capacities compared to intermediate and

long links. As shown ifrigure2.6, AISC 34110[11] limits the inelastic rotation of

shortlinks to 0.08 rad and long links to 0.02 rad. For intermediate links, linear

interpolation is utilized. The following issues should be borne in mind when

examiningthe data shown ifigure2.6. In a number ofestsin which connection

yielding or failure was reported (grey triangles in the figure), specifically those
ORFDWHG LQ WKH UDQJH RI ! KLIJK URWDWLRQ FDSDI
observed. It should be noted that in most of these test€dmection inelastic

rotation also contributed to the total link rotation, and thus, the reported Jitgh

values are not solely because of the inelastic action of the link. The results denoted
by hollow circles indicate tests conducted by Ga[&3& and Ryy36] and reported

by Okazaki and Engelhard89, in which the observed rotation capacities fall
significantly below the codspecified limit due to the use of a severe loading

protocol. On the other hand, most of tB&*values repded for very short links (i.e.

! HIFHHG WKH $,6& OLPLW E\ D ZLGH PDUJLQ 7KHVH UH
reported in[22, 44]) revealed that the rotation capacity of very short links can be

substantially higar than that of short links. Note that some of the tested very short

links (shown by hollow diamonds) failed prematurely due to the brittle fracture of

the link web, which was initiated as a result of the insufficient offset between the
stiffenerto-web aml the webto-flange welds, as explained by McDaniel efa8].

Considering only the proper test data (grey diamondBigure 2.6), it can be

deduced that the current AISC requirements provide a reasonableblouvet for

theinelastic rotation capacity of links with various length ratios.
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Figure2.6. Inelastic link rotation capacities reported in experimental studies

It is difficult to predict the rotation capacity of alhks by means of pure numerical
simulation. For the case of long and some intermediate linkshichwstrength
degradation is due to local bucklingi®* can be estimated reasonably via nonlinear
FE analysis. However, it is troublesome to estimatedtegion capacity of shorter
links since strength degradation is generally due to-dgele fatigueinduced
fractures, which are not commonly considered in FE simulations. Nonetheless,
results of the numerical simulatiofp®l, 58, 60-62] concurred with experimental
observations that the inelastic rotatmapacity of short links is considerably higher
than that of intermediate and long links.

The inelastic link rotation demand stwbe estimated at the design stage. The most
accurate way of determining this quantity is through inelastic dynamic analysis.
Alternatively, a rigid plastic mechanism can be used to estimate the inelastic link

rotation angle. In this method the ineladink rotation angle, ., is related to the

' ps
plastic story drift,"p, via geometrical relationship$l]. Extensive nonlinear timrae
history analyses conducted by Koboevic e{@, 64] on low, mid-, and highrise

EBFs further confirmed the appropriateness of assuming such a relationship.
However, it was noted by Koboevic et @3, 64] and other recent studi¢g85-67)

that determinig “p based on the results an elastic analysis using the codified
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displacement amplification factor€d) or the equadisplacement rule may provide

unconservative estimates c,y‘. This item is further discussed $®ction2.5.2

2.2.3 Effect of Axial Force

Links can be subjected to axial loads due to the axial restraining effect of adjacent
members (which was discussedsiection2.2.1) and also thedlading scheme afor
geometry of a structural system. For instance, in case of a seismic loading, the EBF
configuration shown ifrigure2.1b will impose higher axial forces on link segments
compared to the negligible link axialré@s developed in the configuration shown in
Figure2.1a. A study by Kasai and Popqe8] revealed thathe presence of axial

force can have deteriorative effects on link behavior. These researchers proposed
modified expressions for the plastic moment and shear capacities of links in the
presence of axial force. In @ition, a modified shear link length liwas defined.

The modified capacities are in general related to the axial load ratio, defiRéd by
whereP is the available axial force amy is the nominal axial yield strength. This
study revealed that thdagstic capacities should be reduced dsrection of P/Py

when this ratio exceeds 0.15. These recommendations still form the basis of the
AISC 34110[117] provisions for links under axial loads.

In 1990, Ghobataand Ramadaf68] used nonlinear FE analysis to investigate the
effect of axial fore on the performance of EBF links. Numerical results
demonstrated that the presence of axial force not meduces the link plastic
strength but also its plastic rotation capacity and energy dissipation. A maximum

decrease of 37% ir/®*was reportedit was also noted that the effect of axial force

is most pronounced in links with length ratios near 1.6.

In a study by Mansour et §19] in 2011, the behavior of replaceable shear links was
investigated inside fxame system. In thesests the cyclic loading was applied to

the floor beam from one end, and thus, half of the applied load was transferred axially
through the link. The maximum value &Py was reported to be 0.26 which
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represented a relatively higkial force level. Mansouet al.[49] observed that the

links experienced higher peak shear forces when subjected to tension rather than
compression, with a maximum difference of 12%. Man$édf also demonstrat

this issue numericallyn his dissertation and proposed a simple equation for
estimating the increase in the shear capacity due to axial tension.

In 2014, DastmalcHi69] conducted nonlinear tirAgistory analyses on a thrstory
prototype structure with eccentric braces, similar to the configuration shown in
Figure 2.1b. Results revealed that the peak valudf, recorded for the links
exceeded 0.15 by a wide margin under most earthquake records, indicahighthe
probability of developing large axial forces in shear links with the selected
configuration. Dashalchi[69] also performed nonlinear FE analysesxamine the
behavior of shear links under very high levels of axial force (0.P& < 0.5). The
monotonic and cyclic shearing of short links under constant axial compression
confirmed its detrimental effect on the shear strength and ductility of gt
especially when the length of the shear link was increased. It was also found that the
shear apacity formula given in AISC 3410[11] underestimates thigfect for P/Py

> 0.2, and therefore, a numerically calibrated modification factor was introduced for

this formula.

It is worth noting that, as stated in the AISC 341[11] commentary, the effect of
high axial force on the behavior of long and intermediate links has not been
investigated adequately. Therefore, sipecificationrequires the use of shear links

if high axial force is present in a link1].

2.2.4 Effect of Concrete Slab

In 1989, Ricles and PopdVv(Q] conducted esearch on the effect of a concrete slab,
placed over the steel framing as a floor system, on EBF links. These researchers
reported that the initial stiffness and strength of the composite links were higher than
those of the steel links, howeyéhe compsite action deteriorated in later cycles.
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The maximum shear forces resisted by the composite links were 1 to 13% higher
than the corresponding steel links. Nevertheless, the general hysteretic behavior of
the composite links resembled that bé tbare stddinks. The slab damage was
localized in the vicinity of the link and no damage was observed in the concrete
located away from the link segment. The test results also demonstrated that a
concrete slab alone cannot provide sufficient lateradibg for Inks. Engelhardt and
Popov[19, 71] noted in the experimemal study that if a diagonal brace is connected

to the bottom flange of a link, the presence of a concrete slab can substantially
enhance the stability of the link by restraining the top flange. A similar observation
was also reported by Tsdia.[72] during the tests on large EBF sassemblages
conducted at the National Taiwan University in the early 1990s.

Mansour et al[49] also investigated the effect of a concrete slab on link behavior.

In the details studied, the replaceable link segment had a smaller deptheliloor

beam. Therefore, there was no direct interaction between the link and the composite
slab. Nevertheless, it was reported that the specimen with the concrete slab sustained
a higher shear force, 14% more when compared to the bare steel spagthmart,

a rotable change in the link rotation capacity. Mansour ef48). recommended

using more shear studs away from the link region in order to guarantee the slab

diaphragm action during major earthquakes.

Recently, Ciutina et a[45] tested a singtstory EBF setp with veryshort links

with and without a concrete slab. In one case the shear studs were placed along the
entire beam length, while in the other case they were suppressed in the link region.
Tests by Ciutina et gl45] confirmed that omitting shear studs only in the link region
does ot fully eliminate the composite action, since in both of the above cases the
shear strength and stiffness were notably higher than those of the steel link.
Therefore, it was recommended that the composite action be considered during the
EBF design, everf shear stusl are only available on the floor beams and not in the
link regions. It is worth noting that link regions are protected zones per AISC 341
10[11] in which the use of shear studs is prohibited. In addition to link behavior, the
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presence of a concrete slab also affects the structural response of EBF, syisieimns
is dscussed further i®ection2.5.2

2.25 Effect of Loading History

Popov and his colleagues (.44, 26]) noticed that the applied loading history (or
protocol) during an experimentalugy has a mjor effect on the observed plastic
rotation capacity of EBF links. A comprehensive study on this effect was, however,
conducted recently by Richards and Ugngj 74].

Okazaki et al[37] reported unexpected link web fractures for a number of tested
short links prior to reachg the codespecified 0.08 rad rotation limit. Richards and
Uang[73, 74] attributed this issue mainly to the utilized loading history and stated
that the loading protocol used by Okazaki ef3] (based on Appendix S of AISC
341-02 [75]) was sigriicantly more severe than the loading sequences used in the
1980s tests on short links.oNlinear timehistory analyses were conducted by
Richards and Uangy'3, 74] on three prototype EBF structures subjected to 20-arge
magnitudesmaltdistance Los Angeles ground motions. The obtained cumulative
rotation demands werused to come up with a new protocol which was adopted by
AISC 34105[76] for the cyclic testing of linko-column connections. The proposed
protocolhas fewer cycles with large rotations compared to the old protocol.

Okazaki et al[37] retested the specimens which failedeach the codspecified
plastic rotation limit under the AISC 34 [79 old protocol using the new
(revised) loading protocol. All of the newly tedtspecimens exhibited rotation
capacities higher than the cesigecified limit, with an average increase of 52% in
0@ Further studies by Okazaki and his colleagid®s 41] also confirmed the
conclusion that the old protocol is overly demanding compared to the revised
protocol for shear links. It is worthoting that other loading protocols, for instance,
random loading protocols, loading protocols available in specificatites than

the U.S. standards, or more severe loading histories than the AlST2 849 old
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protocol have also been used in some studies [229.39]) to demonstrate the
sensitivity of the rotation capacity of shear links to the applied loading sequences.

As explained by Richas]48§], if the revised protocol is used for testing intermediate

or long links, a modestcrease in 7 for intermediate links and a modest decrease

in 2% for long links might be observed. Okazaki e{4l] also noted that the cyclic
demand imposed on flexural links by bagprotocols is somewhat similar. The
revised protocol was used in a number of experimental and numerical studies on
intermediate and long links (e.fR1, 39, 77]). Daneshmand and Hashef#l]
demastrated the sensitivity of the rotation capacity of intermediate links to the
employed loading protocol. The value @F*obtained via nonlinear FE analysis for

an intermediate link reduced by 18% when the link was loaded based on the old

protocol instad of the revised protocol.

2.3 Detailing of Links

231 Flange and Web Compactness

The link flange slenderness limit is nedde prevent severe strength degradation
due to flange local buckling during intense loadings. Kasai and RPb@lazalculated

the link flange stress at the ultimate shear ofdand its associated moment for 156
ILQNV ZLWK IRXU GLITHUHQW \LHOG VWUHVVHY DQG WZR O]
2 (intermediate), with and without axial force. The ol#dirmaximum flange
stresses were compared to a conservative critical plastic buckling stress determined
based orHaaijer's methodl78]. Kasai and Popd\.8] did not detect flange buckling

IRU WKH O L Qé\withad &Yl fbrce when the flange slendernesstgil@tr)

was limited t00.38>.4E/_Fy , Wherebr and t; are the flange width and thickness
respectively ané is the elastic modulus of the steel material. However, if these links
were subjected taxial force, thestringent flange slenderness Iimit(l)Bé.éE/_Fy was

suggested to prevent flange buckling. On ttieeohand, some of the intermediate
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links with ! HVSHFLDOO\ LI VXEMHFWHG WR D[LDO IRUFH
even if the lange slenderness was kept below the more stringent IirﬁiBéxE/_Fy.

Based on these, it was recommendedimit the flange slenderness of links to

O.3¥E/_Fy. This limit was adopted by the early EBF specificati@; 79, 80] and

was in use prior to the 2005 edition of AISC 344).

Adhering to the flange slenderness limitQo8 ¥E/F, disqualified several efficient

wide-flange rolled sections comstted from A992 steel from being used as links.
A992 steel has become the most widely used steel material in the U.S. and has
replaced A36 steel after the 1994 Northridge earthgliieUsing heaviesections

to satisfy this requirement would be the common agpraapractice, but this is not
fruitful from the capacity design point of view. Richards and U&8fjconducted a
comprehensive numerical study to further investigate this issue. After verifying the
FE modeling procedure using the experimental data reported by3ica total of

112 isolated shaped link models were analyzed considering different flange
slenderness values. The numatiresults demonstrated that the flange slenderness

limit can berelaxed fron0.3 ¥E/F, t0 0.38¥E/F,. Although some of the intermediate

links could not achieve the codpecified rotation limit, this issue was related to the
stiffener requirements and nottflange slenderness Ilin{68g]. In addition to the
numerical nvestigation of Richards and Uajifl], subsequent experimental studies
by Okazaki and his colleagug®7, 39] on wideflange links constructed from A992
steel confirmed that the above relaxation can be safely applied to short links.
However, Okazaki et al37, 39 observed strength degradation due to flange
buckling in some of the intermediate link specimens. Taking into account previous
studieq 18, 37, 39, 59| it was permitted as per AGG34105[76] to use moderately
ductile flanges for-shaped hks with the slenderness limit C)f38¥E/_Fy only in

short iQNV | W VKRXOG EH QRWHG WKDW LQ WKH Q
Uang[58] and also the recent tests of Okazaki and his colleg@ude89] no axial
force was imposed on the links. Nevertheless, the above relaxatiba flange
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slenderness requirements includes all shear yielding links regardless of the level of

axial force.

Based on theesults obtained from an exhaustive numerical parametric study
containing more than 200 analyses as well as a subsequent experstsal
Berman and Bruned®5, 56] concluded that the flange slenderness of fulbox

links should be limited t((i).64>.4E/_Fy . Until 200, this limit was the seismically
compact limit for walls of rectangular HSS members as per AISC [38]1
However, in 2010 the more stringent Iimit(b‘rSSé.éE/_Fy was adoptetty AISC 341

10 [17] for flanges of highly ductile budtip box sections, which is the case for
tubular links.

In general, compact webs are used in links to prevent or delay the deteriorative effect
of web bug&ling [11]. Berman and Brunea{b5, 56] suggested thathe web

slenderness for builip box shear links should be limited ¥®7¥E/F,. However,

this limit was reducedt0.64¥E/F, for intermediate and long bultp box links in

which local buckling of both webs and flanges can cause strength diegndab,
56].

2.3.2 Web Stiffeners

The proper detailing of end and intermediate web stiffeners in links is a major
parameter for achievingadile and controlled hysteresis behavior. End stiffeners are
usually fulkdepthstiffeners provided for all link length ratié@cated on both sides

of the web at link ends. In 1977, Roeder and Pqf8yprovided the rationale for

the necessity of using end stiffeners to ensure local stability at alimad®am
connection panel. In the previous and current EBF specificationdZ6,39-81])

the wse of end stiffeners has always been mamgavith an aimof improving the

link shear force transfer to reacting elements as well as preventing premature local

buckling in links.

26



In the early experiments by Popov and his colleagues[{&,82]) it was observed
that in shortihks tearing of web and severe strength degradation usually occurred
shortly after web buckling. Although in some tests (g.4]) a considerable amount
of energy was also dissipated by the link in plostbuckling phase, since pest
buckling behavior and its subsequent failure are difficult to predict and more
hazardous, webuckling is generally considered as the design ultimate state for short
links[14, 15, 82). Popov and his colleagult, 26, 82] demonstrated that providing
intermediate stiffenerscould substantially improve the strength and energy
disspation capacity of links. In 1983, Hjelmstad and Pojdd} proposed the first
relation fordetermining the required intermediate stiffener spacing based on the
expected energy dissipation of a link. However, later tests by Kasai and [R8pov
demonstrated that such a relation does not exist and instead, the required
intermediate stiffener spacing is dependent upon the expected ultimatetditndn,

v In 1986, Kasai and Popd®82] proposed a conservative spacing formula for
intermediatestiffeners using a cyclic plastic theory and the experimental data
obtained from testf23] on short links constructed from A36 steel. The stiffener
spacing was expressed as a function of the depth otghapked link and stweb
thickness for three different ultimate rotations. The maximum spacing allowed for
the intermediate stiffeners of short links per AISC -38]11] is based on this
proposal with slight modifications. It is worth noting that a number of recent studies
[39, 421 have mentioned that the shear link stiffener spacing requirements of the
AISC Seismic Provisionfll] are somewhat conservative and might be relaxed if
justified by further experimental research.

Malley and Popoyl7] investigated the required area and moment of inertia of link
intermediate stiffeners using Bask theory for plate girderf83] and the approach
adopted by Bleici84]. The requirements proposed by Malley and Pdpd@ywere

not included in AISC 34]11, 75, 76], ard instead, the regular requirements of plate
girder web stiffeners were recommended for determining the required moment of
inertia of link stiffeners with the addition of a minimum thickness limit. Bruneau et

al. [57] further discussed this issue and mentioned that the previous reasonable
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performancesof EBFs designed as per AISC 31, 75 76] indicate that he
recommendations of Malley and Pop@\7] were based on overly conservative

assumptions.

Intermedate stiffeners are also required in links with flexdogninant behavior.
The comprehensive experimental study by Engelhardt and RdPov1] on long
links revealed that, unlike shear links, local buckling of flanges will not necessarily
cause strength degpation in stiffened long links. It was concluded thiaicing
stiffeners at a distance of bffrom each end of the link, while not preventing flange
buckling, would limit the strength loss due to flange buck]irtj. The large scale
pseudedynamic tests by Tsai et (2] indicated that such stiffeners may still be
beneficial if sibstantial axial force is also available in the link. &hgrdt and Popov
[71] also mentionethe beneficial effect of placing stiffeners outside the link region,
in the bracdink-beam connection panel. Furthermore, it was concluded that
intermediate links, which will experience both shema #exural yielding, should
have intermediate stiffeneegt 1.9% from the link ends, and also equally spaced
additional stiffeners through the link length based on the requirements of short links.
These recommendations have generally been adopted by 343Q0 [11].
However, the provisions require no intermedidiféesiers when the link length ratio

I LV ODUDHU WKDQ

Previous and recent experimental studies 18, 37, 71] have demonstrated that,

unlike end stiffeners, intermediate stife¥s can also be orsaded in links with

various lengths. The numerical study of Daneshmand and Ha$h#ntevealed

that using onaided stiffeners can redutiee rotation capacity of intermediate and

long links, however, this reduction rarely decreas®s below the codepecified

rotation capacity. Furthermore, the reduction was reported to be more predoun

IRU OLQNV LQ WKH UDQJH RI 1 -10[11] petrhitsHié W KHO H V V
use of onesided intermediate stiffeners for links with a depth of less than 635 mm.

Malley and Popoy17] demonstrated that partial depth intermediate stiffeners can

also be used in shear links, provided that a constabeproperly restrains the top
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flange. However, as required by AISC 3#Q[11]], it is more advisable to use full
depth intermediate stiffeners welded to the web and Hatigds since these
stiffeners can enhance the stability of the link against flange local buckling as well
as against lateral torsional bucklifigg 15, 71]. A summary of AISC 34410 [11]

link web stiffeningrequirements is presentedkigure2.7.

Figure2.7. AISC 34%10[1]] link web stiffeningrequirements

Recent tests and the probabilistic analysis of Bulic ¢58].suggested the usd at
least two couples of properly designed web stiffeners in sksivaped links to
achieve enough reliability according to Eurocodgf for the mean recurrence
interval of 50 years.

Richards and Uan@58] noticed during their numerical study that sometlod
intermediate links failed to achieve the rotation céggredicted by the provisions,
with a maximum difference of 11%. Similar observations were also reported by Arce
[3]]. Richards ad Uand 58] attributed the issue to the intermediate stiffener sgaci
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requirements of the AISC Seismic Provisidid]. As statedearlier, Kasai and
Popov[82] proposed the stiffener spacing formula for short links; however, the
provisions extended its use to intermediate links, without accounting for the
significant momentshear interaction that is present in the web panels of these links.
Thus, it was concluded by Riclasrand Uang58] that the direct use of stiffener

spacing requirements of short links may be unconservative for intermediate links.

During a series of tesf81, 33, 34, 36] from 2002 to 2005 on A992 links, conducted

at the University of Texas at Austin, another importantassas observed. Most of
WKH VSHFLPHQV ZLWK ! HIKLELWHG ZHEBoHUDFWXUHYV D
web welds prior to any notable web bucklirgglure2.3a). This was not consistent
with the failure modesbserved in the early studies of Popov and his colleagues (e.g.
[14, 23, 26]) where web fracture occurred only after severe web buckling at locations
of large deformations. The phbeickling web facture had also been reported
previously by McDaniel et a[32] during tests on large builip links where it was
attributed tothe insufficient offset between the stiffererweb and the welo-
flange welds|t is also worth noting that in a number of more recesiistthis type

of failure mode has also been reporied 49]. Based on the test results, Okazaki
and his colleaguds87, 39] have concluded that altering the applied loading history
or the utilized stiffaer detailing cannot change the link failure type from the web
fracture mode. The test results however revealed that it is fruitfetrartate the
stiffenerto-web weld at a distance not less thap ffom the kline of the link
section. A clear correl@n between the reduced material toughness in-tire& and

the occurrence of link web fracture was not establi§B@d In addition to the above
findings, a new stiffener detailing was also repbtig Okazaki and Engelharic9]

which can delay web fracture@provide enhanced cyclic performance. This detail
consists of twesided intermediate stiffeners which are welded oolyhe flanges

that restrain the web by sandwichingRigure2.8a). Additional research regding

this detail was deemed necessary by Okazaki and Eng€l8afrdt
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Figure2.8. Newweb stiffeningschemes for short{@& and long (d) links

In order to further investigate the cause of the recently observduipkéng web
fracture failures, Chao et 4B6] conducted a detailed numerical study. Numerical
results suggested that the weactures are due to the high triaxial constraints that
develop at the ends of the stiféssio-web weld and the localized high plastic strains
at these locations. Beneficial effects of welding stiffeners to both flanges, using two
sided intermediate stiffers and avoiding large stiffener spacing were also
mentioned. Similar observations weleo reported in previous experimental studies
[33, 39]. Chao et al[86] also proposed a possibteason for the observed web
fractures in the receéntests as opposed to the 1980s experiments. The new
straightening process for structural shapes causes higher strength and reduced
toughness in the-&rea, along the full length of the rolled sectiondikerthe old
method which induced localized changesthe material properties due to work
hardening. As explained by Chao et[&6], the higher karea strength in the new
shapes prevents yielding in this region, and consequently, high plastic strains are
developed in the adjacent web steel. These localized strains coupled wikrésgh
triaxiality at the stiffeneto-web weld eds increase the possibility of ductile fracture
initiation at the weld ends. Based on the numerical results, Cha¢&§] gdroposed

a single horizontal stiffendFigure2.8b) instead of multiple vertical stiffeners for
short links and demmstrated its promising performance numerically. The sandwich
stiffener detail (Figure 2.84) proposed by Okazaki and Engelhaf®9] also
performed well during the simulatiofi84].

31



Dusicka et al[44] conducted experiments on isolated very shortJogilt-shaped
links with a different stiffener detailing in which the link web was constructed from
low-yield-strength steel (withry of 100 MPa or 225 MPa) without anyifiners
(Figure 2.8d). The test results revealed that, unstiffened links with stocky webs
constructed from lowyield-strength steel can sustain extremely high cyclic rotation
angles, of the order of 0.2 rad. Asesult of such detailing, the failure mode was
altered from thatontrolled by fracture at the ends of the stiffetveweb weld to

web tearing at the link end corners accompanied by webfqulane deformations

in some cases. Bahrampoor and SabGinomi[87] also studied the effect of using
very lowyield-strength steel witky = 90 MPa in EBF links. Coparison between

the results of onstory onebay FE models with links constructed from regular and
low strength steels revealed that the energy dissipation characteristics of links can be
enhanced using unstiffened stocky webs constructed from veryyield-strength
steel.

The use of diagonal web stiffeners for shear liffigure 2.8c) was studied both
experimentally and numerically by Yurisman et [88]. Based on the results
reported by these researchers it appears that the diagonal web stiffeners may provide
an aternative to the commonly used vertical stiffener arrangemershfot links;
however, further research is essential. Chegeni and MohepkAgbroposed new
stiffener details for improvement of the rotation capacity of long links. Two details
were suggested: placing an addigbanesided stiffener at a distance of GoZfsom

the link endgqFigure2.8f); and using small orgided diagonal stiffeners between
the end stiffener and the intermediate stiffener in long (iRlgure2.8e). Results of

the parametristudy indicated that the latter detail is more effective in improving the
rotation capacity and energy dissipation of long links. However, further experiments
for validating the suggted details were deemed neces§ary.

Ohsaki andNakajima[89] investigated the optimization of stiffendrs I-shaped
EBF links. These resechers used the heuristic Tabu Search algorithm for

optimizing the locations and thicknesses of link stiffeners.
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Stiffener requirements for builtp box links were studied by Berman and Bruneau

[52-56]. The use of end stiffeners for builp box links was recommended similar

to I-shaped links. However, results reported by Berman and Brui&albo]
UHYHDOHG WKDW LQWHUPHGLDWH VWLIIHQHUY DUH R
which the web deptto-thickness lf/tw) ratio is greater than or equaIOc54¥E/_Fy.

For shear links with lowdr/ty ratios, flange buckling is the controlling failure mode,

for which the presence of intermediate stiffeners is not effective. Berman and
Bruneay[ 55, 56] also demonstrated that intermediate stiffeners are not beneficial in
intermediate and long links where compressive local buckling of both webs and
flanges controls the link performance. The required intermediate stiffener spacing

for shearinks with h/tw «0.64¥E/F, has been determined by Berman and Bruneau

[52] using a methodolggsimilarto that used by Kasai and Pod®2] for I-shaped
links.

In the numerical and experimentalestigdions of Berman and Bruned&5, 56]

external stiffeners welded to webs and flanges were considered. However, as stated
above, these stdéners are not effective in controlling flange buckling. Thus,
stiffeners welded to outsides of the link webs or located inside the box section and
weldedto the insides of the webs can be considered in practical applications.

During the 2011 earthquakes Christchurch, New Zealand, the first documented
field fractures of EBF short links were recorded at the Christchurch hospital garage
[7]. In some of the fractured links, unlike the correct detailing, the end stsfeeee

not aligned with the brace flanges. This misalignment was speculated to be a
probable reason for the observed fractures in the link flange andctionnganel.
Kanvinde et al[7] performed irdepth numerical ahgses to investigate the issue.
Numerical results revealed that the misalignment had an influential effect in
triggering the fractures; however, other tast such as the imposed ground
acceleration which was several times higher than the expected dakign also
played a major role. The use of fieAetlded stiffeners and gusset plates for brace

connections was suggested by Kanvinde dt7alfor better fitup. Another recent
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study by Imani and Brunea{9(Q] further confirmed that the severe stress
concentration in the vicinity of theisalignment can initiate fracture and reduce the
link rotation capacity significantly. The numerical results also demonstrated that
correcting the misalignent by using a different brace section or, more conveniently,
by relocating the end stiffeners caitigate the problenf9qQ).

2.3.3 Lateral Bracing

Lateral torsional buckling (TB) can have deteriorative effects on the cyclic
performance of links. The lateral bracing requirements are intended to restraint the
link against oubf-plane displacement and twist to ensure stable inelastic response
[11]. Although lateral bracing was provided in earlier t¢$8%, the importance of
proper link lateral bracing was fully understood during the tests of MarjBéjran
threestory prototypes in 1982, where LTB occurred amsg test specimens. As a
result, lateal bracing of link ends was suggested by Manh@fj with moment
connections between the lateral braces and the link ends to increase the torsional
stiffness of the link. In 198 Hjelmstad and Le¢92] conducted an study to
investigate the laral buckling of beams in EBFs. Bas®dthe experimental results

of five tests on propped cantilever beams with different lateral bracing schemes at
the link ends and a numerical parametric study, Hjelmstad anfPPpeoncluded

that providing full rotational restraints at the link ends is essential. Furthermore, it
wasnoted by these researchers that threds imposed on the lateral braces were
much higher than the traditionally used design load of 2% of the flange yield force,
P{Jange. During the experimental study of Engelhardt and Pdpdy71] on long

links, strength degradation due to LTB of the link or the beamdsutke link was
reported for somspecimens. These observations further emphasized the importance
of providing strong and stiff lateral bracing at link ends. Similar to Hjelmstad and
Lee[92], Engelhardt and Pop¢®9, 71, 93 also mentioned that the demand on link

lateral braces is several times higher than the minimum load of 1.5°/§a’6’ﬁ

considered in the 1980s design col®;79]. A minimum load of 6% oP j*"%°was
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suggested by these researchers for the design of lateral braces of short and long links.
Furthermore, it was recommended that the lateral braces should frame into the link
ends fromonly one side in orel to prevent imposing excessivepiane restraint to

the link[19].

Based on the above research, the use of lateral braces at the link ends was required
by the early EBF codg&0, 79, 80]. Similarly, AISC 34110 [11] requires lateral
bracing of both top and bottom flanges le$haped links at the link ends. The
concrete slab may only provide resttamthe top flang¢70, 71] and thus, explicit

bracing of link ends is generally necessary.

The main advantage of buip box links compared to-dhaped links is their
significant resistance toTB. Berman and Brunealb4] demonstrated that lateral
bracing at litk ends is not necessary for typical buitt box links. This can be fruitful

in cases where providing lateral bracing for links is not possible or not desired. For
instance, lated bracing of links adjacent to elevator cores or links used in bridge
piersis generally cumbersome. Consequently, fupltbox links are also referred to

as selfstabilizing links[53].

2.3.4 Connections

In EBF systems, brage-beam and linko-column connections attracted particular
research attention due to the high level of demands on these joints. Gusset plate
buckling at the bracéo-beam connection was observed in the-$olle tests of
Roeder et al[94] and FoutcH95]. Engelhardt and Popd\w9, 71] proposed and
tested modified gusseted and directlyelded bracgo-beam connections.
Satisfactory results were reported for all of the proposed connection details;
however, the diretly welded connections were found to be more advantageous in
controlling LTB of the beam segment outside the link. Consigathat the braces

are expected to remain essentially elastic during severe loadings, most of the ductility
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requirements which aneequired for braces of special CBFs are not mandatory for
EBF braces and their connections, based on the AISC Seismic &nejisi].

Tests by Hjelmstad and Pop[i\4, 15], and Malley and Popd\i7, 26] in the 1980s
suggested that fully welded listk-column connections caexhibit satisfactory
behavior during severe loading scenarios. In these &gig links with diferent
combinations of complete joint penetration (CJP) groove welds and fillet welds for
the flanges and the web were considered. In contrast, detailwelited flanges and
bolted web connections tested by Malley and P¢ha@\26] showed significant bolt
slippage which led to premature flange fractures.
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Engelhardt and Popoyl19, 71] investigated the behavior of lik-column
connections for the case of long links. Details employing CJP groove welds at the
flanges and either a fully welded shear tab or a CJP groove weld at the link web
(Figure 2.9a and b were considered owing to their acceptable performances in
previous tests on short links (e[d.5, 17]). Premature link flange fracture was
observed for these specimens at early stafésading, and thus, modified details
(e.g.Figure2.9c and ¢l were proposed and tested by these researchers. Furthermore,
a link-to-column connectio with allaround fillet welds Kigure 2.9e) was also
studied. Although some of the modified details sustainetl hagations prior to
failure (especilly the cover plateKigure2.9d) and the ataround fillet weld Figure

2.9¢e) details) due to the doubtful performarufehe testedgecimens as well as the
observed brittle failure modes, it was concluded that the use of long links attached
to a column should be avoided. Engelhardt and Pfp@w1] also tested two short
links which were connected to the web of ash&ped column through continuity
plates Figure2.9f). A similar detail was previously studied by Malley and Popov
[17, 26] and acceptable ressiwere reported with minor flaws compared to the-link
to-columnflange connectins. However, the tests of Engelhardt and P¢peyv71]
revealed that the linko-columnweb connection is prone to premature link flange
fracture and should be avoided. Based on these studies, the 1992 AISC Seismic
Provisions [96] limited the use of linko-column connections to short links,
recommending detailsuch agrigure2.9a and b

In the experiments of Tsai et fif2] CJP groove welds at the flanges anitfiveld

at the web were used to connect short links to box columns. Premature fractures at
very low link rotations (sometimes less than 0.005 rad) were observed in the link
flange welds. Although a numbef modified details performed remarkably better,

the observed fractures gave cause for concern.

Ghobarah and Ramad§B8, 97] proposed an extended epldte linkto-column
connection Figure2.9g) in 1994. In this approadhe link is shopvelded to the end
plate using ataround fillet welds and the espdate is then fielebolted to the column

flange. Although some of the specimens exhibited bolt or flange weld fractures, it
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was concluded hiat properly designed extendedhdelate linkto-column
connections would remain elastic during severe loadings and demonstrate a similar
performance to that of a fully welded connection. In a recent study by Dusicka and
Lewis[43] on end-plate linkto-column connectins, different stiffening details were
investigated to reduce the demand on link flanges in the vicinity of théoliekd

plate welds, which was found to be a potential region for brittle fdi28,39, 97].

These details included using an additional pair of stiffenergerfitst web pael

which were either parallel to the web and connected to the web or within a small
distance from itigure2.9h), or angled from the link end towarith® web, or curved
stiffeners made from rounHSS. Promising results were reported based on FE
analyses for the first detail with stiffeners parallel to the web which shifted the failure
mode from the link flange fracture to fracturing of the web. Thaltsewere further
confirmed through a number ekperiments on long links. In 2016, Pirmoz et al.
[98] numerically studied the behavior ofxtended englate linkto-column
connections, with rib stiffeners, in contrast to the suggestion of Ghobarah and
Ramadan28, 97]. Although the study did not address issues suclowasycle
fatigue or material fracture, the promising performance of thistérdolumn

conne&tion was demonstrated.

An experimental study was undertaken by Tsai ¢08).on the behavior of linito-

box column connections 2000. In these tests, short links were connected to box
columns using CJP groove welds at the flanges and either a fully welded shear tab
or a CJP groove weldt the link web. Although some of the specimens used the
improved weld access hole detail gagted by Mao et d110(, prematurdracture

was observed in all connections at the link flange in the vicinity of the groove weld.
The urgent need for research on this issue was emphasized. @misegan
extensive study was initiated at the University of Texas at Austin in the eaflg 200
[34]. These tests along with those performed previously at the National Taiwan
University by Tsai et al.72, 99 were the first experiments on largeale linkto-
column connections witrealistic details. Okazaki et §B8] tested 12 welded lirk

to-column specimens considering short, intermediate, and long links with four
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different connectin details using the old loading protocol of AISC 32 75]. Pre
Northridge as well as other moment connections which adhered to the
recommendations of FEM350[101] were considered. Recently developed welded
moment connections with free flang2 (Figure2.9i) and no access holEigure

2.9)) [103 details were also tested. Excdpt one specimenall of the tested
connections failed due to abrupt fracture of the flange near the groove weld prior to
developing the required lelvef plastic rotation. The performance was inferior for
the preNorthridge and FEMA 35010]] details which only developed aboutfhat

the required ;. Results proved that the connections which are suitable for MRFs

may not necessarily perform well Eisk-to-column connections. It was concluded
that link-to-column connections are prone to brittle failure regardless of the link
length ratio and should therefore be avoided until a satisfactory detail is developed.

In a subsequent study, Okazaki et[dll] tested an additional 12 welded lidx
column specimens tmvestigate the effect of loading history and to study other
details such as the afound fillet weld detailKigure2.9e) and a new reinforced
detail Figure2.9k) referred to as the supplemental web doubler connection. The test
results seemed inconclusive as regards the effect of the loading protocol. On the other
hand,anexcellent performance was reported for most of the specimens with the fillet
welded and th@ewly proposed supplemental web doubler details. A summary of
the experimental results for these two connections reported by Okazakj4# al.
indicates their high potential for ptasal applications. Several design and welding
details for the athround fillet weld conection were also outlined by these
researchers. A stdpy-step design procedure for the supplemental web doubler
connection was developed by Hong et[&D4 through a series of nbnear FE

analyses and substantiated by experimiettis

Two numerical studies were conducted recentjyrépose alternatives for reducing
the demand in critical regions of welded littkcolumn connections, i.e. at the link
flanges in the vicinity of groove welds. Priand Richard$105 studied reduced

web section links while Bermanait [10€] investigated reduced flange section links.
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The reduced web section links withrfseated webs did not perform well in the
simulations while the reduced flange section links were found to be a potential
solution, pending testing required for fuathvalidation.

The AISC Seismic Provisiorid1] do not requirejualification testing for the link
to-column connection of a short link, provided that¢banection is reinforced with
haunches or other proper details which prevent yielding in the reinforced segment
adjacent to the column (e.gigure 2.91). Although this approach is found to be
effective in MRF connections, no research is available at the time which proves the
reliable performance of such a reinforced detail specifically iR Hik-to-column
connections. The anmentary on AISC 3410 [11] mentions the promising
performane of the supplemental web doubler detail proposed by Okazakj4t]al.
however, it encourages designers to configure EBFs to avoieolioddumn
comections entirely. The use of builp box links in EBFs with linko-column

connections has not been studied explicitly nor addressed by the specifications.

2.4 Numerical Modeling of Links

General FE techniques which model links using shell or solid elenoams
reasonably simulate the behaviof these members under monotonic and cyclic
loadings (e.g[7, 10, 21, 55, 58, 60, 62, 68, 86, 90, 98, 104-10§)), specifically if the
strength degradation related with lawcle fatigueinduced fractures does not need

to be captured. However, due to the complexity and computational burden of these
methods, they are not typically used foniweear timehistory analysis, and instead,
simgified approaches are utilized which model a link through a combination of line
elements, nodal constraints, springs, or plastic hinges. Although the detailed
description and evaluation of the latter are @iuthe scope of this thesis, a brief
outline ofeach method is provided here for the sake of completeness.

In 1977, Roeder and Popgi2] proposed a sandwich beam model for links where

shear was resistdry the web and moment (through uniaxial stresses) by the flanges
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with bilinear responses. The method was intended to be used folingosleear
yielding links with small end moments. A very simple model was later proposed by
Yang[109 in which the skar link behavior was simulated using a truss member
with calibrated uniaxial strength. In 1983, a finite element model based ms8a St
resultant formulation was developed by Hjelmstad and Pfp@wvhich utilized a
momentshear yield surface. The method was not suitable for link modeling since
strain hardening effects were notangorated. A simplified approach was proposed

in 1987 by Whittaker et a]24] for short links where lar flexural elements with
moment hinges were calibrated to exhibit moment capacities corresponding to the
nominal sheastrength of the link.

Ricles and Popoj110 111] developed an approach in which a link was represented
by a linear elgtic beam with a nonlinear zelength hinge at each end. Although the
numerical results obtained using this approach were fairlyrate; the calibration
and programing of the method was quite comple?.

A modeling procedure was develoggdRamadan and Ghobarfll2 on the basis

of the theory proposed by Ricles and Popil0, 111]; however, with simpler end
hinges and the ability to be conveniently incorporated into regular analysis programs.
The model was calibrated using the results of experiments conducted at the
University of California at Berkeley in the 1980s on links comsérdirom A36 steel

(e.g. [14, 23 27]). The accuracy of thenethod was demonstrated through a
comparison with test results. In 2003, Richards and Uadgmodified the link
model proposed by Ramadan and Ghob@tdh] in order to improve its accuracy

in predicting the behavior of links constructed from A992 steel. The proposed
element was later used in axtensive parametric stufi¥3, 74).

A simplified approactwas recently used by Khandelwal et[dl13 in which the
behavior of short links was simulated using a rectangular truss system with vertical

rigid bars and elastic horizontal bars and a nonlinear digonal spring.

A three element link model consisting of a central beaameht and concentrated
hingesat the ends was introduced by Rossi and Lombgtdd] in 2007 and
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extensively used in the numerical studies of Bosco and her collegigite$1§.
Although suitabldor initial analysis, the model was not able to properly capture the
cyclic response of links. For instance, rr@mo stiffness values were provided by
this model even at very large deformati¢h$9. To overcome these deficiencies,

an enhanced model of this element was recently developed by Boscfi &€ah

which the responses of flexural and shear hinges were defined using the uniaxial
material model of Zona and Dall’Asfa2(). The model was separately calibrated

for short and long links using a large body dfttdda [14, 19, 33, 34, 40]. The
effectiveness of the approach was demonstrated for short, intermediate, and long
links by comparing numerical and test results. It is worth noting that in all of the
abovementioned models the effects of axial force and sthedggradation on the

nonlinear behavior were neglected.

In studies by Malakoutian et 4lL21], O’Reilly and Sullivar{67], and Kanvinde et

al. [7] the OpenSeeEl22] analysisplatform was utilized where a beaulumn
element with distributed plasticity and additional independent nonlinear shear
springs located at the element ends was used for link modeling. Various different
material models were adopted in eaclihase studiesMoghaddasi B. and Zhang
[123 used the beam element of Opengé&€%] with zerelength moment hinges at

the ends as well as four parallel translational springs at each end for simulating the
behavior of shear links. This method walso used inhe numerical study of
Dastmalch{69].

Other more sophisticated elements have been developed for modeling steel members
with dominant sheaayielding belavior, that are also applicable to EBF links. On the
basis of the method proposed by Ricles and Popdd, 111, Kazemiand Erfani

[124, 125 developed a model with a combined shigaxural inner hinge and two

rigid beams on its sides. Numerical results were compared to the test data reported
by Kasai and Popoi/18] to demonstrate the accuracy of the proposed approach. An
improved version of this moteavith an axid-sheasflexural hinge was recently
developed by Kazemi and Hoseinzadeh [A26. A mixedformulation (or force

based) element was proposed by Saritas and Filippad with independent
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displacement, stress, and strain fields, where the displacement field was based on
Timoshenko’s beam theory. As a result, shear lockimg avoided and mesh
refinement was deemed unnecessary. Since thesirgakflexural interaction was
captured using ntarial data only, the model did not need further calibration for
different loading and boundary conditions, unlike most of the methats w
concentrated hinges. Comparison between numerical and experimental results
revealed the accuracy and robustnesh@htethod. Papachristidis et[dl2§ have

also proposed a fordeased element; however, considering a tdiieeensional state

of stress and talkg into account the interaction of axial, shear, flexural, and torsional
actions. The kinematics of the model were ofgdi through the naturahode
method. Fairly accurate results were reported using this element when compared

with the results of previougsts and also accurate FE analyses.

2.5 EBF Systems

251 Characteristics and Capacity Design Approach

This sectiorprovides general insight into the behavior and design philosophy of EBF
systems, while the subsequent section is devoted to mdepth discussisrabout

the research on the seismic performance of these structures. As mentioned by Popov
and Engelhard}5], the use of eccentric bracing for resisting wind loads was well
recognized even in the 1@8[129; however, the use of this system for seismic
applications was proposed in the 19709apan3, 4]. The studies of Roeder and
Popov[12 13, 130 in the late 1970s pioneered the research on EBFs in the United
States. The cyclic loading tef Roeder and Pop¢%2, 130 and Manheinj91] on

a reducesscale threestory onebay EBF, the pseuedynamic tests on a fuficale
six-story twebay EBF as a part of the U.Fapan Cooperative Program in
Earthqiake Engineering reported by Roeder ef] and Foutclj95], the shaking
table tests of Whittaker et §24, 131, 132 on a scaled replica of the same-siary

EBF, and the psewoedynamic tests of Balendra et §1.33 as well as the early
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analytical studies of Hjelmstad and Popd84], Ricles and PopoM 10, and Popov

et al.[135 on EBF systems, all confirmed thhts system could be effectively used

for seismic applications. The EBF system was utilized in several major applications
(e.g9.[136-138) shortly after these studies. Short links in E¥Stems are preferred

since they will provide higher stiffness, strength, and ductility over intermediate and
long links[5, 135. Nevertheless, Popov and Engelh@&jitdemonstrated that using

links that are too short will impose unmanageably high rotalgwnands on links. It

was also noted by these researchers that the stiffness and consequently the
fundamental period of EBF dgsns can be adjusted simply by altering the link
length.

The capacity design approa¢h, 135 is utilized in the EBF design to ensure
concentration of yielding inrlkks while keeping other members essentially elastic.
First, the links are sized and then, other members are designed tohee$istds
generated by the yielded and strain hardened links. Plastic design methods for EBF
systems were initially proposed Bpeder and PopdL2], Manhein[91], and Kasai

and Popo\23] in the 1970s and 1980s. An allowable stress design method was also
devdoped by Tea[139 in the late 1970s. In the current pieet an elastic analysis

is typically conducted during the design of EBF systems. Design examples for EBF
systems can be founfir instance, in Bruneau et §7], the AISCSeismic Design
Manual[140Q, Popov et al[135 and Becker and Ishl¢i41]].

The overstrength dinks (Y PXVW EH FRQVLGHUHG LQ WKH GHVLJQ F
than the links to estimate the maximum loads that might be impmsdatiese

members by the fully yielded and strdiardened links. Design specifications (e.qg.

[11, 142) provide overstrength values which may be different for beams, braces, and

columns. The AISC Seismic Provisidrid] suggest a value of |-Bhdped

links during the capatyi design of EBF braces, which is lower than the traditional

value of 1.5 (Sectio.2.1), mainly for considerations of economy. It is worth noting

WKDW D UHFHQW QXPHU L HDDg deridixsated the<ddeduséywd®\ HW DO

the current ovetsength provisions for braces.
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The design of a beam in an EB¥fstem is often problematic since it is generally
under high axial force and high bending moment. Increasing the size of the beam
will not benefit the design, since the limduced forces wilklso increase. Several
methods such as using short links anacbs with moment connections possessing
inclination angles above 20an reduce the demand on begm$7, 93, 135 143.

In addition, an EB configuration proposed by Engelhardt and P&} (Figure

2.1e) can minimizehe beam aal force at the cost of using larger links and reducing
the system redundancy. A similar EBF configuration was tested by [Ma&8pin

the early 1980s. In order to aid this design difficulty, a lower overstrength factor is
used in AISC 34410 [11]] for the capacity design of beams when compared to that
of bracesThis is justified by considering the positive effect of the composite floor
on beam performance as well as the fact that limited yielding of a beam will not
negatively affect the behavior of an EBF system, as long as the stability of the beam
is assured19, 71, 144). Based on extensive Fihalyses on EBF stdssemblages,

<L+ LWV RI108 Svgdesed that the overstrength value recommended in AISC
341-10 [1]] could be reduced even furthierthe design of an EBF beam with |
shaped links, provided théhe demando-capacity ratio of the beam is kept below
unity. For other cases a maximum unbraced length recommendation was developed.
The FE analyses demonstrated that the probable yielding of the beam due to the
above relaxation would not be detrimenéald would only affect the brace end

moment.

Early analytical and experimental studi2d, 110 demonstrated that af the links

above the level of the column under consideration would not develop their maximum

shear forces simultaneously. Based on thiseplation a lower overstrength factor

was suggested by AISC 340 [11] for the capacity design of columns in EBFs of
threeormoH VWRULHV RI EUDFLQJ ZKHQ FRPSDUHG ZLWK \
of brace members. Columns also need to be checked for the amplified seismic axial
IRUF HPRI Z K H ddthe stuctural overstrength factor taken as 2.0 per ASCE

7-10 [145 and Peq is the column axial fiwe generated by the coedpecified
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earthquake loads. It is important to note that -inifiuced flexural forces are
generally neglected in the design of columns as permitted by AISCGBAL].

During the design process, it is necessary to estinmktehd moments in order to
determine the internal force distriboi after formation of the expected plastic
mechanism. For links located in the middle portion of floor beams (internal links)
the end moments will almost be equal throughout a seismionpa@in the other
hand, for links connected to columns (externadtd)rthe end moments will not be
identical in the elastic range. However, early studies of Kasai and Pba®R3]

proved that for most sas these moments would equalize as the link goes through
large plastic rotations. Thus, in both cases, the link end moments can be readily
estimated using equilibrium. The only exceptieparted by Kasai and Popfis,

23 ZzDV WKH FDVH RI HIWHUQDO OLQNV ZLWK !~ IRU ZKL
equalize at the ultimat state. For such cases, recommendations for moment
distribution wee developed by these researchers. Kasai and P&3pvalso
demonstrated that it is advantageous to avoid EBF configurations with inactive links
(e.g.Figure2.1f) in which only one of the links located@te end of a brace would
dissipate most of the energy (and thus become active) while the other would not
contribute notably to the energy dissipation of the system (and thus remain inactive).

It is worth mantioning that early mulistory testg§24, 94, 95 demanstrated that, in

some cases, the plastic behavior could be concentrated in the first story links leading
to the development of a seftory mechanism. Popov et |44 attributed this issue

to the incorrect proportiongof the links along the height of the EBFs in the above
mentioned tests. The static pushover and dynamichistery analyses of Kasai and
Popov[23], Ricles and Popopl1(, Ricles and Bolinf147, 148, and Popov et al.

[14€ revealed that in order to achieve a reasonable distribution of link inelastic
action throughout an EBF height, all of the links need t@ hanfam capacityto-
demand ratios.
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252 Research on Seismic Performance

An enormous amount of research on the seismic performance and design of EBF
systems has been conducted in the past decades and important aspects of this

research are briefly discussedthissection.

In a series of studies by Koboevic and her colleafp®$4, 143 149 in late 1990s

and 2010s the seismic behavior of {pwnid-, and highrise EBF systems was
investigated under several earthquake records via nonlineahistoey analysis.
Similar to previous finding$19, 71, 144, limited yielding in EBF beams was found
acceptable provided that braces were capable of resisting the additional moments.
The use of a higher overstrength factor in the capacity design of upper tier columns
was recommended, which is the approach us€6imS1614[25]. The importance

of drift-induced column flexural forces was also demonstrated ialibe studies.

The last observation was reported previously by Kasai and &h as well. An
iterative design methodology based on selecting appropriate earthquake records and
performing timehistory analyses was also outlined by these reseafd#3sl49.
Although all of the links in the studied EBFs had similar capaoiyemand ratios,

the numerical resultg63, 64 revealed that the energy dissipation might be-non
uniform along th&=BF height and more concentrated in the first and last story links.

The seismic behavior of sstory onebay EBFs with long links under several
earthquake records was studied by Tirca and Gitel} in 1999. It was concluded
that long links should be usedtlwvcaution and avoided as much as possible due to

their poor performance as observed in some of the studied cases.

The effect of sheamoment interaction in the plastic design of EBFs was stumjied
Mastrandrea et aJ152 153, whee a procedure for determining the ultimate link
shear force and link end moments was proposed for a given collapse mechanism. In
companion studigd 54, 155, a design methodology for EBFs was deped which
ensures formation of a global mechanism andrgres partial or local collapse

mechanisms. The behavior of EBFs designed with this method was compared to that
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of EBFs designed using a simplified method proposed by Kasai anflb6@rand
satisfactory results were report¢tl54]. Further nonlinear static and dynamic
analyses were conducted to demonstrate the effectiveinbespyroposed method in
distributing the inelastic link action through an EBF height while preventing the
occurrence of undesirable failure mod&55. The method was also verified via
incremental dynamic analysis (IDA) in a study by Masdrea et al.15q in 2013.

The abovamentioned plastic mechanism control theory was recently implemented
in the design of dual EBFs (i.e. systems composed of EBFs and MRFs) by Montuori
et al.[157].

In 2006, Kéber and WH 1 Q[HS58Fcdmpared the seismic behavior of EBFs
designed on the basis of four different specifications including AISG024T5|
and Eurocode-2002[159 using nonlinear timdistory analysis. It was reported
that AISC 34102 [75] required heavier sections for columns, beams, and braces. In
a companion study by these research&é$§] the positive and negative aspects of
placing webs of -shaped braces normal or parallel to the plane of BB&e
investigated. Recommendations regarding each configuration were given
considering seismic performance and required amounts of steel. In 2009, Kdber and
W H I Q[H6 FnXestigated the effects of using different structural tetti the
plastic hinge locations near the bottom of the first story columns in EBFs. Numerical
results pointed to the advantages of utilizing a detail with reduced column flanges at
these locations.

The effects of frame geometry on the seismic behavinanght of chevron EBFs

were investigated in 2008 by Ozhendekci and Ozhend&&8. It was concluded

that EBFs with shear links performed better than those with intermediate and

moment links. Furthermore, the use of longer shear links and shorter intermediate
links was found to be advantageous in terms of seismic performance. However, it
was demonstrated that for shear links, the frame weight would also increase along
with the link length.
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A novel performancéased plastic design (PBPD) methodology for EBFs was
proposed by Chao and Gddl63 164 in 206. The method, which uses an energy
balance criterion and provides a design base shear for a given hazard level, global
yield pattern, and target drift, is a direct method in the sense that it does not require
any assessment after the initial design. Acpdarre for the heighwise distribution

of this lateral force was also proposed based on the results of extensive nonlinear
dynamic analyses. The results revealed that the EBFs designed using the new
approach can satisfy expected performance objectivegeafam better than those
designed using conventional methods, without any notable increase in material
usage. It is worth noting that an application of a performaased approach for the
design of a 97.81-tall EBF system located in the United Stat@s veported by Sabol

and Nishi[165 in 2011.

In 2013, Sullivan[166 developed a direct displacemdraised design (DDB)

method for EBFs with the aim of overcoming the deficiencies generally attributed to
the forcebased design approach. The method replaces a-thegiteeof-freedom
(MDOF) system with an equivalent singlegreeof-freedom (SDOF) structure. A

flow chart d this iterative design process as well as a design example were also
provided. Sullivan[16§ and O’'Reilly and Sullivan[67] demonstrated the
effectiveness of the method through timstory analyses of EBFs designed using
DDBD. The studied EBFs exhibited lowdan H{] SHFWHG GXFWLOLWLHV
it was noted that the codified response modification fadfice. R factors) are
generally unconservative. Furthermore, using a uniBugactor and a single
displacement amplification factorC{) factor for all EBFs was found to be
LQDSSURSULDWH VLQFH WKH GXFWLOLW\ ZRXOG
increases. The use of longer shear links was recommended by S{lla@rsimilar

to Ozrerdekci and Ozhendek{167).

The effect of heightvise distribution of the demartd-capacity ratio of links was
studied by Rossi and Lombardd14 in 2007 using IDA. Partial collapse
mechanisms, especially in the upper stories, were observed in all of the cases which

had scattered heightise link denand-to-capacity ratios. Furthermore, tRdactors
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for mid- and highrise EBFs as well as EBFs with long links were found to be
considerably lower than those proposed by different building cotsed67]. A
subsequent study was undertaken by Bosco and Rdsiin 2009. The results of
extensive nonlingaincremental dynamic analyses revealed that the traditional
method of designing EBFs considering capacity design principles as well as
providing uniform demantb-capacity ratios for links would not necessarily ensure
proper distributia of link inelasticaction through the height, especially for radd
high-rise EBFs. To have a better prediction of the seismic performance of EBFs, a
new parameter, called the damage distribution capacity factor, was introduced by
Bosco and Rosgil1§. It was demonstrated that, considering both of the demand
to-capacity ratio and the damage distribution capacity factor, it is possible to

accuratly predict the céhpse mechanism of an EBF system.

In 2013, Bosco and Rosfl17] proposed a d#ggn procedure for dual EBFs to
overcome the deficiencies observed in their previous studies regarding regular EBFs.
In this approach, EBF links are the main energy dissipating mechanisms while MRFs
provide lateral stiffness during inste&c behavior. Nevgheless, to have a more cost
efficient design, limited yielding was also permitted in MRFs at beam ends, bottom
ends of the first story columns, and top ends of upper story colimasompanion
numerical study byBosco and Rosdi11§ it was demonstrated that dual EBF
structures designed based on the proposethodology perfon better than those
designed according to conventional methods. In addition, an expression for
determining thér factor for dual EBFs was proposed which was dependent upon the
link rotation capacity, 7®, and gaveR factors ranging frm 4.0 (for long links) to

7.5 (for short links). A similar formula for the factor of EBFs, ranging from 3.5

(for long links) to 5.0 (for short links), was suggested more recently by Bosco et al.
[115. Furthermore, the use of modal response spectrum analysis instead of
equivalent lateraload methods for the design of midnd highrise EBFs was
emphasized by Bosco et §.15. In a very recent study by Bosco et[d6g the
Eurocode 159 EBF design procedure has been thoroughly reviewed and the

important drawbacks and discrepancies are highlighted.
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The seismic column demands of EBFs were studied by Risf69 in 2009. The

demands from nonlinear dynamic analyses were compared to the amplified seismic
D[LDO |RPhFddcordingo IBC 2006[170 or ASCE 710 [149 considering

the amplification factor (or structural overstrength) of 2.0. The numerical results
revealed that designing EBF columns solely using the amplified seismic axial force

can be quite unconservative for upper tier columhgath EBFs while overly
conservative for columns at the base of these structures. A similar conclusion was
reported by Ku\O OP D] D Q G17RrS20T3) Bn average value of 3.25 was

reported by these researchers for the structural overstrength factor which is well

above the codified value of 2.0. The results reported by both studiesdiegte

some concern regarding the EBF column design; hoWeveDV QRWHG E\ .Xu\0C
and Topkayg171], recalling that the capacity design principles should also be
FRQVLGHUHG LQ WKH (%) FROXPQ GHVL*Q@wowWdLY DQWL
not yield substantial underestimations in the EBl6rom design process.

The appropriateness of using the disptaent amplification factoCq, equal to 4.0
per ASCE 710[145, which is directly used for estimating the plastic link rotation

angle, ., was studied by Richards and Thomp§es in 2009. Nonlinear dynamic

' s
analyses of a large set of EBFs revealed that a fac@yo# can underestimate

for links of lowrise EBFs while overestimating the plastic rotations of links in mid

and highrise EBFs. Although califatedCqy factors were proposed, the researchers
pointed out that the study was inadequate to recommend factors for general design.
To further investigate this design deficiency, a numerical study was undertaken by

. X0u\OOPD] DQ (B6eFiRZEMNaND it was demonstrated that @adactor of

4.0 may result in significantly unconservative estimates in low-, mid-, and high

rise EBFs.Results of the inelastic tir@story analyses were used to develop a
nonlinear relation which providgg; values ranging from 8.0 (in the lower stories)

to 5.0 (in the upper stories). In a subsequent study iy O P D] DQ GL7ZAR SN D\D
nonsimulated collapse analyses revealed that EBFs ddsigaecordance with the

U.S. provisions[11, 145, considering arR factor of 8.0, have higher collapse
probabilities than expected. Consequently, tigiinct design modifications were
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proposedo reduce this probability. The first one was a modification tcCthealue
based orj66] and the second one was a modification toRliactor, where a value
of 4.0 was recommended.

In a recent study by Speicher and &1 73 the seismic performance of six EBFs
designed using IBC 201jA274] were assessed based on ASCED@1175 using

static and dynamic, linear andmimear analyses. The correlation between ASCE 7
10[145 and ASCE 4106 [17H in terms of the anticipated performance level was
also studied. Numerical results once again indicated the possibility of tticen

of inelastic action in a limited number of links in a properly designed EBF system.
In addition, itwas observed that the linear assessment methods given in ASCE 41
06 [179 are less conservative than the nonlinear assessment procedures. However,
it was unclear which of these pracees is more representative of the actual
behavior, since the code does not consider the effect of lo&tayy in the
assessment process and acceptance criteria. Speicher and Hafrimenticned

that the responses of links under earthquake loadings were mosHidedavith a
ratcheting approach towards large rotations, and thus, higteron capacities
might be anticipated for links compared to the codified limits. Consequently, the
needfor link assessment criteria which are based on cumulative demands was
highlighted.

Studies have also been undertaken recently to provide simplengl@r estimating

the fundamental period as well as the stiffness of EBF systems. In 2010, Richards
[176 derived a simple relation for prediairthe lateral stiffness of an EBF story
based on the design story shear, frame geometry, and beam depth. A comprehensive
study was conducted in 2016\ . XG\OOPD] D QGr77tR SrigmdveDthe
accuracy of the formula available in ASCHQJ[145 for estimating the fundamental

period {To) of EBFs, which first appeared in UBC B&®)] and has not been calibrated

since then. A handhethodfor estimatingT, was first formulated and its accuracy

was demonstrated by comparing the results with data obtained through an extensive
parametricstudy and also with data available in the literature. A simple paaaht

relation for EBFs was then deleped. The results obtained by this expression were
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compared to the apparent (measured) periods of actual EBF buildings, reported by
Kwon and Kim[178§, and acceptable conformity was reported. In a sirstlady,

Young and Adeli[179 studied the effect of building irregulags on the
fundamental period of EBFs. It was demonstrated that the formula given in ASCE
7-10 [149 can yield overly conservativesmates ofT, for these systems. The
results from analyses of 12 properly designed EBFs as well as the data available in
the literature were combideto propose a threeriable power expression for
predictingTo, which included the effects of EBF buildinrregularities. The study

also confirmed that regular EBF buildings tend to have a longer fundamental period
compared to EBF buildings with irreguities. The accuracy of the proposed formula
was demonstrated using the analytical periods compiled gblag[180 and the

apparent peods reported by Kwon and Kifd7§.

The effect of the ariability of steel material in the seismic performance of EBFs was
studied by Badalassi et 4lL81] in 2013. The numerical results revealed that the
variability of the steel material did not have a major effect on the failure probability
of the studied structures. In addition, tapacity degn requirements of Eurocode

8 [187 were found to be appropriate. It is worth mentioning that in some of the
studied EBFs by Badalassi et El81] two floor beams were used in each level of
the EBFs to avoid interaction between the floor deck and the link. The coupled beam
sustained the gravity loadghile the man beam contained the link and carried the
seismic load¢Figure2.10). This approach is generally attributed to Perf&&3.

Figure2.10. Plan view of the use of duplicate floordoes in EBF$181]
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The seimic reliabiity of EBFs was investigated recently by Lin et [dl84 by

means of nonlinear dynam analyses, considering fafault and neafault
earthquakes, based on the guidelines of FEMA [38§. It was concluded that

EBFs (particularly lowrise EBFs) have lower failure probabilities than MRFs. The
reduction was more pronounced whenftarlt ground motins were cosidered.

The behavior of EBFs under ndault earthquakes was also studied by Eskandari
and Vafaei[186 In 2015. Even though neéfault earthquakes were found to be
somewhat more destructive, the probability ofdopele fatigueinduced premature

web fractures were observedlde higher ér the case of faiault ground motions.
Nevertheless, it was also concluded that EBFs are suitable systems to be used in

nearfault regions owing to the fact that thgvalues recorded for all linkgere in

the acceptable range based on FEMA BB®H requirements for the life safety

performance level.

The application of the reduced beam section (RBS) connection in dual EBFs with
long external links was investigated in 2011Ngghipour et al[187). Results of
nonlinear static (pushover) analyses on foseven, and terstory dual EBFs
revealed that the RBS connection can increase the ductility of the system (by about
10%) and reduce the demand on Jinkcolumn connections by moving the hinge
location away from the column face. The RBS connection wasevew
recommended only for long liskwith shallow sections.

The seismic performance of a special type of EBF, hereafter referred teEEBFS

in which links are constructed from conventional steel while other members are made
from high strength (HS) steelvith Fy in excess of 345 MPa, wasvestigated by

Lian et al[47] in 2015. Resu#t of a cyclic test on a scaled estery onebay chevron
HS-EBF conducted by these researchers were used to validate their numerical
modeling approach. The results of the subsequent analyses under cyclic loading and
threeground excitations revealed a galesimilarity between the performances of
HS-EBFs and equivalent conventional EBFs. However, better load carrying capacity

and lower material consumption was reported for theeBEs while slightly higher
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ductility and @ergy dissipation was indicated ftive EBFs. The intestory drifts
and plastic link rotations were also found to be lower in the studied EBFs.
Furthermore, a maximum height limit of sixteen stories was recommended for HS

EBFs in order to achieve bettaismic performance.

A number of reent studies have focused on the optimization of EBF systems. In
2013, Gong et a[188 presented a genetic algorithm based structural optimization
technique for EBFs. A successful application of this optimization method was
demonstrated for a hypothetical thistery EBF building; however, this cametlwi

the cost of an excessive comgignaal burden (of the order of days). In a more recent
study, Karami Mohammadi and ShargHil89 developed an optimum design
technique for EBFs based on the concept of uniform deformation thEoege
researcherapplied the method to thredive-, and terstory EB-s and demonstrated
that the optineed EBFs have lower weights and better seismic performances
compared to those of regularly designed EBFs.

There are also a limited number of studies regarding the effect of concrete slabs on
the structural response of EBifstems. In 2013, Danku et H19Q] investigated the

issue in three EBFs and three dual EBFs with four, eight, and twelve stories through
nonlinear static (pushover) analysasveell as IDA considering seven earthquake
records. The models were calibrated using the outcomes of a companion
experimental study45]. The numeial results revealed that composite action can
increase the system stiffness and reduce the structural drifts and rotation demands on
links and lead to a more optimum EBF design. For the case of dual EBFs, inelastic
action was reported to be mainly concated in the links. Furthermore, tRéactor

for the steel EBFs and the steel dual EBFs was found to be about 6.0 (similar to
Eurocode §147); however, a loweR factor (between 3.5 to 6.0) was reported when
composite etion was incorporated in the models. Prinz and de Cas®ausg 19]]

also investigated the effect of concrete slabs on the EBF behazoilh Two
threestory EBFs with and without concrete slabs were modeled via FE method. The
results of dynamic analyses under two earthquateelerations confirmed the

findings of Danku et al[19Q regarding the effects of concrete slabs on stiffness,
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inter-story drifts, and rotation demamaf EBFs, especially for the case with long
links, where a reduction of 35% was reported in the residual drifts because of
composite actionAlthough the link rotation demands were lower in the composite
models, Prinz and de Casteésousa[19]1] observed that thdink damage
accunulation was rather independent of the presence of concrete slabs. This increase
of plastic demand in the compositedels was attributed to the shift in the neutral
axis which in turn produced higher strains in the bottom flanges of the links.

2.6  Special Topcs

Beside the topics covered in the previous sections, some special and emerging topics
related with EBF systemsealso available in the literature, and these are briefly
discussed here.

2.6.1 EBFs with Vertical Links

Although one of the earliest experimental studies on EBFs was conducted on frames
with vertical links (also known as inverted-braced EBFs;Figure 2.1d) by
Tanabashi et a[4] in 1974, the use of horizontal links in EBFs has become more
popular through the years. Compared to their hataomounterpart, vertical links

have an easier pestairthquake repair process. In addition, they can be conveniently
used for the seismic rehabilitation of existing structures. Furthermore, their use can
be advantageous in cases where the floor girdersegured to remain elastic due

to the presence of very large gravity loads. On the other hand, proper lateral bracing
of vertical links can be difficult in certain cases. Early static, cyclic, and dynamic
loading experiments by Seki et fL92 and Vetr[193 on single and multistory

EBFs with vertical shear linkeveakd that this system can exhibit a very ductile
and stable behavior during an intense loading, provided that proper lateral bracing
for the link ends is available. The results of a numerical study by Fehling¥4l.

in 1992 further emphasized the importance of lateral bracing for vertical links. A
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force equal to 1/50 of the link shear force was dekadequate for the design of
these lateral braces. In a suipsent study byBouwkamp and Vetf195 a relation

for limiting the length ratio of short (or shear) vertical links was proposed which was
dependenupon the ratio of the link end moments.

The advantages ofyhrid vertical links with low strength web and high strength
flanges were demonstrated by Shinabe and TakafE@8iin 1995. Similarly, the
FE analyses of Saedi Daryan et EI97 revealed that utilizing vertical links
constructed fromvery lowyield-strength steeWwith Fy of about 100 MPa could
increase the energy dissipation of an EBF notably while reducing the pitybatbi
local buckling.

The concept of EBFs with double ved links, originally mentioned by Fehling et

al. [194, was recently investigated numerically as well experimentally by
Shayanfar et a[198 199 and promising results were reported. This concept can be
advantageous in cases where the dimensional limitations of the floor beam in an
exising structure do not allow the use of a single lesige vertical link for seismic
rehabilitation.

Through extesive nonlinear static and dynamic analyses, Dicleli and M@

207 investigated the behaviof EBFs with vertical shear links built from compact

HP sections. Results revealed that such systems can cothbirmglvantages of
MRFs and CBFs during an earthquake while experiencing less damage and
eliminating the negative aspects of each system.

In 2012, Shayanfar et §R07 tested a composite vertical shear link in which a steel

link was partially encased in reint@d concrete. Results revealed that the concrete

in these links can delay the web buckling and increase the shear strength and energy
dissipaton of the specimens significantly. Nevertheless, the behavior of the
composite link coincided with that of therbasteel link when the concrete portion

was fully damaged at later stages of the loading.
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A novel twostage seismic load resisting system wasetbped by Zahrai and
Voso00q[203 in 2013 which combined an EBF system with vertical shear links with

a knee braced frame. During a moderate eartlejuakty the vertical links dissipate
energy while in the case of a strong ground motion, the plastic deformations in the
vertical links are linted to a certain extent using a mechanical stopper device and
further frame drift causes yielding in the kneeneénts.

Shayanfar et al[204] developed a performantased plastic design (PBPD)
methodology for EBFs with vBcal links similar to the design methodology
proposed previously by Chao and GfE$3 164 for EBFs with horizontal links.
Based on the approach deygtd by Mastrandrea et §L.52-155, a rigd-plastic
analysis and design approacbr fEBFs with vertical links was developed by
Montuori et al.[205 206 in 2014 which included moemtshear interaction and
aimed to prevent local and partial mechanisms while ensuring formation of a desired

global collapse mechanism.

In a recent numerical study by Massah and Ddr2@v], the analysis and design of
EBFs with vertical shear links and shape memory alloy (SMA)cdsvwere
investigated. The SMA materiahn recover its original shape even after very large
strains through the shape memory effect (which requires heating) and the
superelasticity effect (which requires unloading). In this study, SMA devices were
mountel on sides of the vertical links to obtaa reversible system with reduced

residual deformations.

In 2016, Wang et a[.20§ conducted an experimental study on a tsteey one

bay by onebay EBF system with vertical links in vah the links were constructed
from convational steel while other members were made from high strength steel,
similar to the concept studied for EBFs with horizontal links by Lian d#3].
Although excellent cyclic performance was reported, significantobptane
deformation was observed at thengmction of the vertical link and the dwes
(which was not laterally supported) leading to failure due to fracture in théolink
beam connection at the first story.
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Although the current AISC Seismic Provisiddd] are intended for designing EBFs
with horizontal links, the commentary on the code emphasizes tretanpe of
lateral bracing at the intersection of a vertical link and braces, if invertmadcéd
EBFs are utilized.

2.6.2 Tied Braced Frames and EBFs with Ziper Struts

To preventheformation of a sofstory mechanism in an EHR4, 94, 95|, Martini

et al.[209 proposed a modified EBF configuration in 1990, known as ¢adtiaced
frame (TBF), in which the link ends are vertically connected to each other over the
entire height of the structer Although a number of early studies indicated some
advantages for using TBE$48 209, the nonlinear static dndynamic analyses of
Popov et al[14€ in 1992 demonstrated that properly designed EBF systems ca
have weldistributed inelastic action throughout the building height without the need
for ties. In a number of recentidies, however, unsatisfactory seismic behavior was
reported, particularly for highse EBFs [114, 116. As a result, design
methodologies for TBFs were developed by Ghersi ¢Ral] and Ross[211] on

the assumption that these systems are more prone to form a global collapse
mechanism.A promising performance was reported by Rdsxll] for TBFs
designed according to the proposed thedology.

In a similar approach, Zahrai dt 212 propogd and numerically investigated the
behavior of EBFs with zipper struts, which vertically connect thepuaidts of shear

links throughout the height. Results of the extensive pushover, cyclic loading, and
time-history analyses revealed that the zippeutstmot only help in having
coincident yielding of the links but also increase the ductility and energy dissipation
of the system.
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2.6.3 Replaceable Links

Although the concept of replaceable links was previously meed in a number of
studies (e.g[32, 109, 192), the first research specifically on EBFs with horizontal
links that can be easily dismounted and replaced after an earthquake was conducted
by Stratan and Dubin@5, 213 in the early 2000s. A linko-beam connection with

bolted eneplates, which were flush with the floor beam, was stu(féglire2.11a).

Pinched behavior due to the epldte bending ah bolt thread stripping was
REVHUYHG LQ VRPH FDVHV DQG LW ZDV FRQFOXGHG WKDW
limited to 0.8 to have proper cyclic behavior. Further numerical and experimental
studies ofDubina et al[214, 219 confirmed the applicability of the concept and
demonstrated that dual EBFs have a notableentéering capability which
significantly facilitatesthe postdamage replacement. To further investigate this, a
comprehensive fulscale test program, known as the DUAREM projéas, 217,

was recently conducted at the European Laboratory for Structural Assessment
(ELSA) of the Joint Research Centre (JRC) in Ispra, Italy in which a-stoweg
threebay toonebay dual EBF system with eqpdated replaceable links was tested
pseudedynamically under three earthquake levels and link replacement was
performed after each ground motion simulation. It was concluded that the dual EBF
system with replaceable links ia promising lateral load resigjirsystem that
provides the desired seismic performance as well as an econom&apbsuake

repair procedure.

Figure2.11. Previously developed replaceable link details
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Two other replaceable shear link details were recently studied by Mansoy#2t al.
49 through istated link tests as well as frame tests. The first detail was again a
bolted eneplate linkto-beam connection; however, it had a link segment that was
smaller than the floor beam, making it possible to use bolts above the top flange and
below the bottomlange of the link(Figure 2.11b). Excellent ductility and stable
behaviorwerereported for this detail proving its ability for practical applications.
Further numerical studies of Mag@1g in 2013, which are summarized in the
HERA R4145 report, confirmed the reliability of the contiec. In a recent study

by Dusicka and Lewi§43] on a similar replaceable link connection, the use of an
additional pair of stiffeners wasoposed to reduce the probability of flange fracture
in the vicinity of the linkto-endplate welds. These additional stiffeners were placed
parallel to the link web and located in the first web panel (similar to the detail shown
in Figure 2.9n). In addition to the numerical analyses, the detail was verified
experimentally for the case of replaceable long links by Dusicka and [48}is

Another detail developed by Mansour et [@2, 49] for replaceable shear links
(originally proposed byBalut and Gioncy219 for MRFs) was a bolted web
connection where two bad¢k-back channel sections, considered ths link
segment, were bolted to the web of the floor béigure2.11c). Although larger

@ valueswere obtained compared to the tested-giate ®nnections, théolted

web connection experienced a pinched behavior due to the repeated cycles of bolt
slip, bolt bearing against the link web, and bolt hole ogtibn. The larger rotation
capacities of these links were attributed to the inelasticiontaf the connection

itself which, in average, was about 16% of the total inelastic link rotation. Modified
and reinforced details were proposed to overcome tiochg@ihbehavior observed for

the web bolted connection. The replaceability of the damagdezivias also studied

in the frame tests.

Recently a replaceable link detaigure 2.11d), originally proposed by Mansour
[42], was investigated by Ashikov et 220 221] through experimental testing and

numerical analysis.
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A multi-phase experimental and numaticesearch program has been undertaken at
Middle East Tehnical University (METU) to develop new replaceable EBF links
which can potentially enhance the existing details. The first and the second phases
of the research program concentrated on develo@ptaceable links which are
based on splicing the bracexlahe collector beams as showirigure2.11e-f. This
concept is well suited for EBFs withrdctly connected braces or gusseted brace
attachments. The potential of these replaceable links was investigated through
experimental testing8, 9]. The results revealed that these links behave similar to
ordinary links and thgaps provided at the splices of the braces and the collector
beam facilitate easy replacemeAmnother type of replicable link detaihamely
detachablereplaceable link is under development at METU which is based on
splicing the link at its midength n order to facilitate the link replacement procedure
after an earthquake. As shownFigure2.12, by adjusting the splice eccentricity, it

is possible to replace the link under different levels of-padihquake residual drifts.

This detall is further investigated @hapter4 of the present thesis

It is also worth mentioning thaheére are also a limited number of practical
applications of replaceable links in New Zealand which are summarized by Fussel
et al.[227, Ramsay tal. [223, and Gardiner et a[224]. Furthermore, dsign
guidelines for replaceéblinks are given in the specifications of New Zealand and
Canadd 25, 225.
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Figure2.12. Detachable replaceable link detail
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2.6.4 Use of EBFs or links in Reinforced Concrete Structures

Providing a thorough review of this topic is out of the scdpt® present thesis
however, the main applications of EBF configurations in reinforced con&€&le
structures are mentioned here for the sake of completeness. Steel eccentric braces
with or without vertical links can be connected to existing RC fraimeseismic
rehabilitation. This concept was numerically and experimentally studied by Bouadi
and Engelhardi{226], Ghobarah and Abou Elfaft227], Bouwkamp et al[228,

Perera et a[229, D’Aniello [230, Mazzolani et al[231], Pina et al[232), Durucan

and Dicleli[233, Ozel and Giineyig34, Varum et al[235, and Wang and Yu

[236 in the past few decades. Steel links are atdzed as energy dissipating
coupling beams between adjacent RC wall piers in hybrid coupled wall (HCW)
systems. A comprehensive review of the research on the behavior, analysis, and
design of these systeras well as particular topics such as Jtokwall connections

can be found in ETawil et al.[237].

2.6.5 Progressive Collapse of EBFs

In 2009, the graviynduced progressive collapse of EBFs was studied by
Khandelwal et al[113 utilizing validated numecdal analyses. To this end, the
alternate path ntkbod (APM) was used, i.e. critical columns and adjacent braces
were instantaneously removed from as¢ory EBF, properly designed based on the
U.S. specification$76, 238 for high seismic risk. The limited numerical results
demonstrated that EBFs are less vulnerable to progressive collapse compared to
special CBFs, mainly because of their improved sységout. The beneficial effect

of locating EBFsat the perimeter of the structure was also noted.
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2.6.6 Fragility Functions for Links

The damage states and fragility functions for EBF links were developed recently by
Gulec et al[239. Basedn a precise evaluation of the test data dfré& (reported
previously in the literature) a total of 9 damage states, such as web yielding, flange
local buckling, flange fracture, damage to concrete slab, etc., were indicated.
Furthermore, the methods repair (MoR) were categorized into 4 groups.(
cosmetic repair, concrete replacement, heat straightening, and link replacement) and
each damage state was related to a certain MoR. Fragility functions were also
developed for short and long links basea statistical analyses to specify the

probabilty that a specific MoR will be required as a function af

2.6.7 Other Applications

In a number of studies by Bruneau and his colleaj4x244], the concept of EBFs
with horizontal or vertical links has been usedt@ekbridge superstructures in order

to introduceenergy dissipation in endiaphragms instead of the common approach
which relies on the energy dissipation of the substructure. This can be fruitful for
instance in cases where stable and ductile behakitvesubstructure is doubtful.
Results of the @rnsive numerical and experimental studies as well as design
procedures are presented by these researchers.

The applicability of stainless steel in EBFs was studied by DiSarno[24§].in

2008. The results of nonlinear pushover and 4mséory analyses of a sample
structure revealed that using members maden fstainless steel can enhance the
energy dissip@gon and structural overstrength of the system compared to regular
EBFs while reducing the roof drift and the probability of local buckling in members.

In addition to EBFs, HCWs, and bridges, the concemtisdipative link segments

has also been utilizad other structural systems. For instance, Moghaddasi B. and
Zhang [123 studied the seismic behavior of diagrid structural frames with
replaceable shear links, in 2013. In another recent study, the concept of linked
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columnframes (LCF) was proposed and numerically stuiedlalakoutian et al.

[121]. The use of bucklingestrained braces (BRB) in eccentric configuration was

studied by Prinz and Richarfl346 247]. The energy dissipation mechanism in this

system is however substantially different from that of EBFs since yielding is

concentrated in the braces rathemthathe links.

2.7

Chapter Summary

A comprehensive review of the research conducted on the behavior and design of

eccentrically braced frames was presented in this chapter whbigred both

component level and system level responses. Experimental and raimnserdies

that address the madharacteristics of links as well as link detailing were presented.

Different numerical techniques for link modeling were discussed. Furthermore,

studies which focused on the seismic behavior and design of EBF systems were

summarized with an emphasis oretbapacity design approach. Finally, special

applications of EBF systems or link segments were discussed. Rompittzzement

of EBF design and applicatiortbe following itemswvereidentified in the course of

this reviewprocessas important research ri=e

1.

)JXUWKHU UHVHDUFK RQ WKH EHKDYLRU RI YHU\ VI
order to take advantage of their excessive inelastic rotation capacity in EBF
systems. In contrast, considering the doubtful performance oforegyinks

I I ~3.5) repored n some numerical studies, additional research for
identifying their deficiencies and limitations would appear to be beneficial.
7KH XVH RI D VLQJOH OLQN RYHUVWUHQJWK IDFWR
EBF design process can lead to sigaifitcunderestimations of internal
forces developed in other members due to the yielded and strain hardened
links, especially when very short links are utilized. Thus, further research is
needed to develop simple methods for estimating the actual linkrewvefist
factor for different link length ratios considering the effects of morskeeéar
interaction, link flange shear resistance, axial restraint provided by the
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adjacent members, and excessive cyclic hardening. A similar concern is also
valid for the casef built-up tubular links. Furthermore, the unusually high
overstrengths (of the order of 5.0) which have been reported recently for
some unstiffened very short links also need further attention.

. There is a substantial research need for investigatingffibet of high axial

load on the behavior of intermediate and long links. In addition, the effect of
tensile axial force on increasing the link overstrength requires further
attention, as mentioned in a number of recent studies.

. The increase in the linkverdrength due to the presence of a concrete slab
has not been adequately investigated. This effect can be hazardous
particularly from the capacity design point of view. Methods for estimating
this increase are required which can be conveniently applipdgtice.

. Additional investigation is required to validate whether the recent relaxation
in the flange slenderness requirements of shear links by the AISC Seismic
Provisions[11] can also be considered for shear links subject to high axial
loads.

. Several issues have recently been reported for the spacing requsr@hent
links per AISC 34110 [11] which need further consideratioResearch is
required to investigate the possibility of any relaxation in the stiffener
spacing requirements ofshaped shear links. On the contrary, the observed
poor performance of some intermediate links, which is attributed mostly to
their stiffenerspacing requirements, should be studied carefully to come up
with appropriate solutions.

. Many novel web stiffening details for reducing the probability of premature
fracture and improving the link rotation capacity including, but not restricted
to, the sadwich, horizontal stiffener, and diagonal stiffeners details have
been proposed which require further research. In addition, the feasibility of
other approaches, such as links without intermediate stiffeners, should be
studied. Furthermore, if approvetigtcevelopment of design guidelines for
employing these details is essential.
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8. The relation between the reduced material toughness iratealof shaped
links and the recently observed link web fractures is still unclear and
necessitates additional expeents.

9. The deteriorative effect of misalignment between the link end stiffeners and
brace flanges in triggering fracture was observed during recent earthquakes,
and thus, providing practical methods for reducing the probability of this
misalignment in ®ld applications would be fruitful.

10.The current intermediate stiffener spacing requirements ofuquiox shear
links are not dependent upon the required leve|,of-urther experimental
research is needed to validate such a relation.

11.Although thecrucial importance of link lateral bracing is well understood,
there exist only a handful of studies which have explicitly investigated the
effect of lateral bracing olink behavior, considering realistic loading and
boundary conditions. Additional resehlron this topic would be beneficial
since the current codified lateral bracing requirements for links are in fact
based on studies which focused mainly on the pldstige locations of
MRFs.

12.There is a significant research need in the field ofttr&olumn connections
considering the fact that most of the connections suitable for MRFs exhibit
poor performance when used as itolkcolumn connections. Promising
detailssuch as the atiround fillet weld and theupplemental web doubler
connections requiréurther experimental verification, especially for long
links, with the aim of developing prequalified lid-column connections. In
addition, other less studied l#t&column connections such as the ghate
connection with and without rib stiffenerss avell as the connection
reinforced by haunches need additional investigation and development of
design procedures. There are also details such as the reduced ftdioge se
link connection, which have not been studied experimentally at all.

13.There is almadsno study which specifically investigates the behavior and
design of the column panel zones of EBFs with-tmkolumn connections.
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Research on this issue is indispale. The current AISC Seismic Provisions
[11] use the requiraents of special MRFs for EBF column panel zone design
without the necessary researclchground.

14. 7KH DPRXQW RI UHGXFWLRQ LQ IRU WKH FDSDFLW\ GI
typically limited since there are no methods for predicting the actual number
of simultaneously yielded links above the column under consideration except
for complicated anlinear analysis. Thus, developing simple and reliable
methods for estimating the reduced column forces can be advantageous,
especially for higkrise EBFs, where a pattial cost saving might be
achieved.

15.There is an urgent need for the reevaluation efréssponse modification
factors R) of EBFs that are in use by most of the design specifications, since
they can significantly overestimate the ductility of these sires. In a
similar manner, previous studies have proven that the codified displacement
amplification factors €q4) for EBFs are not capable of predicting the actual
inter-story drifts and inelastic link rotations based on the results of linear
analysis, ad thus, reevaluation again appears to be necessary. Although
several studies have beamlertaken regarding these issues, further research
is essential in order to confirm such alterations.

16.The problem of the concentration of yielding in a limited numlbetaries
is reported even for some properly designed- il highrise EBFs. New
methalologies have been proposed recently to overcome this issue, which
require further verification (and in some cases simplification) so as to be
considered as reliable @practical methods for the design of EBFs.

17.The codified assessment procedures for Efgpgally do not consider the
effect of the loading history on the acceptance criteria and link failure
detection. As noted in recent studies, this deficiency can eeawe by
introducing measures based on cumulative demands. Further monotonic tests

or experiments with other more suitable loading histories might be fruitful
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18.

19.

20.

21.

22.

for developing these cumulative criteria, which can be used for predicting the
actual link rotabn capacities during an earthquake.

The research on EBFs with vertical links is limiteden compared to their
horizontal counterparts. There is a significant need for research on the
behavior and design of these structures to address issues sucHipsastdbi

the detailing of vertical links. There is also a notable gap in the design
spedfications regarding EBFs with vertical links, which can only be closed
with additional studies.

The promising performance of tied braced frames (TBFs) as well as EBFs
upgraded with zipper struts in terms of the proper distribution of yielding
over the suicture height necessitates further confirmation through extensive
numerical simulations as well as experimental studies. Practical procedures
for the design of these sgms are also required.

There has been a considerable improvement in the field oteglle links

in the past decade; however, there is still a need for additional research to
develop codified design and detailing rules foriokboeam connections with

the final goal of proposing prequalified connection types for replaceable
links. Furthemore, studies on intermediate and long replaceable links as well
as external replaceable links located between a brace and a column are few
in number.

Research on tharogressive collapse of EBFs is very limited. Future research
on this topic is essentjaparticularly for improving the behavior of these
structures under probable blast loading scenarios.

Newly proposed concepts such as composite links, EBFs with slegperyn

alloy (SMA) devices, EBFs made of high strength or stainless steel, and the
use of energydissipating steel links in other structural systems such as
diagrids and linked column frames (LCF) are also potential areas for future

studies.
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CHAPTER 3

LOW -CYCLE FAT IGUE TESTING OF SHEAR LINKS AND
CALIBRATION OF A DAMAGE LAW

The lowcycle fatigue (LCF) behavior of shear links in eccentrically braced frames
(EBFs) is experimentally studied in this chapter with the aim of calibrating a
convenient damage law for estinmgfithe exhausted as lvas remaining fracture

life of these members under any loading history.

3.1 Introduction

As discussed extensively in the previous chapteing strong earthquakésks act

as structural fuses and dissipate the seismic input enemygthrepeated inelast

F\FOHV ,Q VKRUW RUJWKWDU OLQKNDU HHOGLQJ RI WK
predominant while in longer links, flexural yielding or a combination of shear and
IOH[XUDO \LHOGLQJ LV W\SLFDOO\ REVHUYHgHh ,W VKR’
ratio, eis the link length, antflp = ZF, andVp = 0.6-y(d-2t1)tw are the plastic moment

and plastic shear capacities of thehhped link, respectively, as per the AISC

Seismic Provisiong248 whereZis the section plastic modulls;is the yield stress,

dis the section depitly,is the flange thicknes andw is the web thickness. Although

long links provide more architectural freedom for openings, shear links are
structurally preferred since they perform substantially better under severe cyclic
loadings in terms of strength addctility [13, 15]. In the current design practi¢he

plastic link rotation angle () is estimated based on the anticipated interstory drift

level and checked against codified limits, which can be as high as 0.08 rad for shear

links [248. Despite its deficiencig®$4, 66|, this approach is commonly utilized in

the design as a simple and convenient method for reducirgp#isgility of link

fractures during earthquakes.
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A similar method is followed during the penfieance evaluation of an EBF building.
The ASCE 4113[249 standard, which is also used in some cases by engineers for
the performancéased design of new buildings, provides foualgsis procedures
for the seismic evaluation of existing EBF systems: linear static, lineamityna
nonlinear static, and nonlinear dynamic. In the nonlinear procedures, the estimated
e for a link shall not exceed a predefined limit so that it wouldsfyathe
requirements of a certain performance level (eg.” 0.14 rad for shear links
considering the Life Safety performance level). Although experimental studies such
as[37] have substantiated the strong dependency of the rotation capacity of a link to
the applied loading history, the acceptandeiga used by ASCE 413[249 do not
fully consider this effect when assessing EBF linRpeicher and Harris [173]
recently demonstrated that this shortcoming of ASCEL&]249 can result in
excessive link failures when naméar dynamic procedure is used. The reason is that
the standard detects failure for links subjected to symmetric large cygohesthe
same approach that it does for links subjected tesmiesl large cycleRReliable
methods for damage estimation of EBiRks are also required to study seismic
performance of EBF systems. The FEMA P§25( procedure requires collapse
assessment of archetype buildingsjuantify the response factors to be used for this
lateral load resisting system. In its present form, the FEMA P695 procetiasson
the assessment metrics given by ASCEL31249 which depend solely on the
maximum amount of link rotation and disregard cumulativeceffeT hese issues
werealso emphasized in the literature revieChapter2 of the present thesis where
the need for developing measures based anutative demands was further
highlighted.

Such measures can also significantly contribute to the decrsaing processf

the postearthquake replacement of EBF links. The last decade has witnessed
significant improvements in the development of replaleedibks for EBFs as
summarizedSection2.6.3 The 20162011 series of Christchurch earthquakes in
New Zealand resulted in yielding and fracture of links in EBFs. As discussed by
Gardiner et al. [224]the identification and replacement of damaged links in such
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cases is a challenging and complicated task. In such cases, damage laws based on
cumulative measures can significanégsist the process of idéwing damaged
links after an earthquake, particularly if signs of fracture or severeyolg fatigue

(LCF) damage are not encountered in field observations.

Consequently,hie main objectiven this chapteiis to calibrate a damage law to
estimate therfcture life of shear links used in EBFs. Pursuant to this goakyole
fatigue testing of shear links was conducted. A damage law was then calibrated based
on the findings of lowcycle fatigue tests. Theathage law was further generalized
based on a coprehensive data compilation of test results reported in literature.
Finally, a systematic procedure for the application of the damage law on earthquake
induced loading histories was developed. For furthadatbn, the procedure was
applied to the pramal case of links fractured at the Christchurch hospital garage
during the Christchurch earthquakes. The metrics given by ASEB 49 and

the loading protocol currently in use by the AISC Seismic Provi$i#§ were also
investigated based on the results of the LCF testing @madgDetails and findings of

the study are prese&din the subsequent sections

3.2  Experimental Program

3.2.1 Test Setup and Instrumentation

The experimental program was conducted at the Structural Mechanics Laboratory of
Middle East Technical University. The utiid test setug-(gure3.1), designed and
previously used biozkurt [251] consisted of a reaction wall, a rigid floor, a lateral
restraining system, a 1500 kN capacity hydraulic actuator, and a ne&dgdld
onestory onebay EBF with a widtlof 5 m and a height of 3.5 m (2.7 m between
the column pin supports). With the help of a loading beam, the applied force from
the actuator was distributed almost uniformly to the columns which were pin

connectedboth ends. All other connections of BBF were moment connections.
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Figure3.1. Details of the test setup; Not all instrumentations are shown

Following the capaty design procedure outlined in the AIS&ismic Provisions

[248, the EBF columns, beams, anddasiwere designed to remain elastic through

the tests whereas the yielded and fractured link segment was replaced after each test.
Further details on the design of the EBF frame can be fouBdzhkurt [251] As

will be discussed later, three replaceable link schemes were considered in the test
program, howeverigure3.1 shows only the scheme with direct brace attachments

as arepresentative case. The EBF was tested in a V configuration in order to facilitate
the replacement procedure, monitoring, and labeeading of links. The oubf-plane
displacements of the ddling beam, columns, and more importantly link ends were
controlled using the lateral restraining system and lateral braces depi€ligdne

3.1. As shown in this figure, the horizontal displacement of colunira K&ight of

2465 mm from the bottom pin support) was measured during each test using Linear

Variable Differential Transformers (LVDJs

Vertical displacement of the link ends was monitored with respect to the stationary
strong floor using LVDTsKigure 3.2). The differences betwedhese individual
measurements were used to calculate the link rotation angle. Furthermore, an LVDT
was attached to an-¢haped frameHRigure 3.2) which was welded to one of the
braceto-link joints. This LVDT measured the tangential deviation of one of the link

ends with respect to the other and provided a control measurement. Both the
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approaches are affected by the deformations that take place in reesntsde of

the link. The ind¥idual link end measurements are influenced by the global rotation
of the test frame due to the flexibility at the pins and also by the slip that takes place
in splice connections. These influences are eliminated when tlyented
displacements are measd, however, the tangential measurements are adversely
affected due to the rotation at link ends which in turn creates a rotation of the L
shaped frame. The link rotation angles monitored by making use of the two
aforementioed techniques differ for low alues of link rotation angles that
correspond to elastic behavior. For larger values of link rotation angles, however, the
measured values by these two methods are very close to each other. Earlier tests
reported byBozkurt and Topkaya [8kvealed that estimating link rotation angles by
using individual link end measurements is suitable for cases where minimal slip takes
place in the splice connections. Since slip critical bolted type connections aezlutili

in the present study, link rotaticangles calculated based on individual link end

measurements were used during the experiments.

Strain gauges were placed at thetength of braces and beams outside the link for
monitoring the axial forces in themembers.

Figure3.2. Instrumentation used for monitoring link rotation angle
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3.2.2 Details of Specimens

Based on an initial investigation and considering the objectives of the study as well
as thelimitations of the testing facility, it was delgd to test a total of 14 link
specimens. It should be clarified that six of these specimens were tested by another
PhD studentBozkurt [251]) whereas the remaining eight specimenswested by

the authorAll the results were however analyzed and synthesized herein.

Hysteretic behavior of shear lindependsignificantly on the stiffening of the link

and web slenderne$82]. Consequently, these two factevere considered as the
prime variablesluringthe specimen selection. The AISC Seismic Provisi@4s3
provide stiffener spacing requirements for a given amount of plastic linkorotat
angle ( o). Properly stiffened links with stocky webs are expected to experience large
inelastic deformations without expenicing severe shear buckling of the web. On
the other hand, links with slender webs having widely spaced stiffeners aceeexpe

to experience severe shear buckling of the web during inelastic excursions.
Furthermore, rolled and builtp members can behadiferently because welds used

for connecting the web to the flanges can adversely affect the LCF behavior. Based
on this dscussion, it was decided to test two different link cross sections that
represent two of the extremes. A data compdedng the iterature review of
Chapter2 demonstrated that the previous tests conducted on shear links have mostly
employedh/ty values in the range of 15 to 55, whéres the web height as defined

per AISC 34116 [248. A link made from European rolled HEA160 section with a
nominalh/ty of 17 was selected to represent the stocky web case watidtibnal
welding. For this cross section, the required stiffener spaejnig equal to 149.6

mm for a .of 0.08 radians according to the AISC Seismic Provisigdg. A link

length of 600 mm was considered for HEA160 links except for one specimen where
the link length was 800 mm. Equally spaced shsidledstiffeners were provided

with a spacing of 150 mm for the 600 mm long specimens and 133 mm forQthe 80
mm long specimens. On the other hand, a dopiltink, designated as BU250

hereafter, with a nomindl/ty of 46 was selected to represent a slender vask c
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which requires welding. A link length of 640 mm was considered for BU250 links.
Although, the regired stiffener spacingg] for this link is equal to 100 mm for &

of 0.08 radians according to the AISC Seismic Provisj@a§], it was decided to

use singlesided stiffeners with a spacing of 128 mm due to the following reasons. A
larger spacing would promote shear buckling of the web plate andlitsnoé on
low-cycle fatigue can be investigated. Furthermore, notrdds lare stiffened for,

= 0.08 rad in practice and the stiffener spacing is determined based on the link
rotation demand calculated at the design stage. The plastic link rotation capacity,
according to the AISC Seismic Provisidilg, is equal to 0.065 rad for BU250
specimens based on the provided stiffesparcing. It is wortmoting that, based on

the recommendation ddkazaki et al. [37]stiffener welds were terminated at a
distance of & from the kline of each link section.

Therolled links were cut frm two different heats of HEA1606sections whereas the
built-up BU250 links were fabricated from two plates of 5 mm and 10 mm nominal
thickness. All specimens were nominally made of the commonest European S275
steel with a yield sess of 275 MPa and ultate stress of 430 MPa. Although, the
selected material type is expected to have an influence on the LCF behavior, the
same type of material was selected for both the rolled andupugpecimens to
observe the variation in the hor of such links by k&ping the material properties

the same. That way, the influence of geometrical properties on the response can be
directly studied. Further elaboration of the issue and the extension of findings to links
made from other steel matals are presented later.

The selected link sections satisfy the compactness limits given in the AISC Seismic
Provisiong 248 for shear links. In general, links should satisfy the requirements of
highly ductile members. The only exceptions are the flanges of shear links which are
allowed to satisfy the requiremis of moderately ductilenembers. The flange
slenderness for the HEA160 is 8.90 which is less than the slenderness limit of 10.24
for sections made of S275 steel according to the AISC Seismic ProVigifhs
Similarly, HEA160 sections are classified as Class 1 cross sections according to
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Eurocode 3 [2524ndare allowed to be used for Ductility Class High (DCH) systems
according toEurocode 8 [142] No distinction is made between shear and
intermediate links ifcurocode 8 [142h terms of the required section classification.
Therefore, HEA160 is well suited for use in EBFs as links. The same observations
are valid for BU250 sections.

Archetype designs conducted byieass research teams war@nsidered byozkurt

and Topkaya [8]o identify the range of nominal shear capacities possessed by shear
links used in practical applications. A survey consisting of 19 archetypes with 3 to
12 stories revealed thdte nominal capacity chaeg between 90 kN and 1324 kN

with an average of 502 kN. The specimens selected in the present study belong to
the lower portion of this range since the specimen selection was also limited by the
available equipment capacity. Althgiuthe HEA160 link is raitively small in size

when compared with typical links used in practice, it is considered as a reasonable
section for studying the LCF behavior of links with stocky webs. The BU250 link
section is, however, among the sections taat be used in practicerfthe upper
stories in multistory EBFs. It is worth mentioning that, previous experimental studies
such ag18, 28, 35, 45] have also used sections with similar nominal capacities to
those used in the preseyaper.

The nominal and measured dimensions oftied and buikup sections as well as

the material properties obtained from tensile coupon tests are summarTaddan

3.1 andTable3.2, respectively. The coupons were extracted and tested according to
EN 10002 [253knd the values reported Table3.2 are the average ofvb coupon

test results. The material test results were all reasemaisidering the nominal
properties of S275 steel, except those found for flanges of the BU250 links.
According toTable3.2 as well agrigure3.3, which depicts the typical stresgain
curves obtained from the coupon tests, the measured yield stress for flanges of the
BU250 specimenwas notably higher than the nominal value of 275 MPa. It should
be emphsized that, the issue was in contrast to the mill certificate provided by the
fabricator and was noticed only after the fabrication of the specimens and during the

78



coupon tests. Sindbe web material has the dominant role in the behavior of short

links, the issue was considered to have a minor effect on the obtained results.

Table3.1 Nominal and measured dimensions of the rolled HEAdGDbuiltup
BU250 sections

d (mm) br (mm) tw (Mm) tr (mm)
Section Heat

Nom. Meas. Nom. Meas. Nom. Meas. Nom. Meas.

HEA160 1 152 153.04 160 160.05 6 6.37 9 8.85
HEA160 2 152 152.74 160 159.87 6 6.64 9 8.84
BU250 - 250 248,93 120 120.37 5 4.91 10 9.99

d = section depthy = flange width;tw = web thicknesgy = flange thickness

Table3.2 Material properties of theolled HEA160 and buitip BU250 sections

Web Flanges
Section Heat

Fv Fw Fo2 Fo %EL Fy Fu Fo2 Fo %EL
HEA160 1 283 298 289 426 32 278 294 285 421 35
HEA160 2 275 291 278 421 33 281 300 290 426 32
BU250 - 269 281 278 378 35 - - 354 519 29

Fy = lower yield stress (MPalFyu = upper yield stress (MPdy,0.2= yield stress at 0.2% permanent elongation
(MPa); Fu = ultimate stress (MPaypEL = percentage of elongation

600
— BU250 Web

----- BU250 Flange
- —— HEA160 Web (Heat 1)
1 o, | HEA160 Flange (Heat 1)

500 A

400 { /

300 -

Stress (Mpa)

200 -

100 4

0 5 10 15 20 25 30 35
Strain (%)

Figure3.3. Typical stressstrain curves observed in the coupon tests
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Table3.3 Details of the tested specimens

# Section Heat Connection | Vo () -oading
Type (mm) Nom. Meas. Nom. Meas. Protocol
1 HEAL60 1  Direct 600 119 1.28 133 146 0.03rad
> HEA160 1  Direct 600 119 1.28 133 146 0.06 rad
3 HEAL60 2  Direct 600 119 1.29 133 148 0.09 rad
4 HEA160 1  Direct 600 119 1.28 133 146 0.12rad
5 HEAL60 2 GussePL 600 119 1.29 133 148 0.15rad
6 HEAL60 2 GussePL 800 159 1.72 133 148 0.20 rad
7 BU250 -  EndPL 640 125 098 190 182 0.03rad
8 BU250 -  EndPL 640 125 098 190 182 0.09rad
9 BU250 -  EndPL 640 125 098 190 182 0.15rad
10 BU250 -  EndPL 640 125 098 190 182 O'C(’Sg)brad
11 BU2S0 -  EndPL 640 125 098 190 182 Lo
12 BU250 -  EndPL 640 125 098 190 182 ALY
13 BU250 -  EndPL 640 1.25 0.98 190 182 Arbigary
14 BU250 -  EndPL 640 1.25 0.98 190 182 Arbigary

a Constantamgitude cycles
b Singlesided constaramplitude cycles

Further details regarding the specimens are summariZeabla3.3 andFigure3.4.

It is worthreiterating that the testing of the HEA160 specimens (specimens 1 to 6)
was done by another PhD studeBozkutt [251]) whereas the remaining eight
BU250 specimens were tested by th&hau In the tableV, corresponds to the link
shear strength determined as per the AISC Seismic Provi2#8}sThe link lengths

were selected to ensure that all specimens qualified as shear yielding lifiks

1.6). Despite thisSpecimen 6 qualified as an intermediate link because the measured
web thickress was higher than the nominal thickness resulting in a measured link

80



length ratio (M*?) of 1.72. The reclassification of Specimen 6 resulted in the
violation of flange slendesss limits according to the AISC Seismic Provisions
(AISC 2016a) but createdo adverse effects according Eurocode 8 [142]
Designers should bear in mind that such unintended changes in the lin

categorization can also occur in practical cases.

As shown inFigure 3.4, three different replaceable link details were considered in
the experimental program. The first two are identical to the detail propgsed b
Bozkurt and Topkaya [8/here splice connections are utilized for the braces and the
beam outside the link. The braces were connected to the beam by either direct
attachment or by making use of gusset plates. The third detail is identib& to
bolted extended enrplated replaceable link proposed l\ansour et al. [49]The
spliced replaceable link details were used for the HAE160 specimens whereas the
bolted extended enplated replaceable linetetail was used for BU250 specimens.

It should be emphasized that the focus of the study was on the LCF behavior of the

links and the replaceable details did not have a main role in the experiments.

Direct Brace Attachment Gusset-Plated
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Figure3.4. Details of the tested specimens

81



The specimens can be broadly classified into two categories. The first category
(Specimens 1 to 10) belongs to specimens tested to study LCF life of shear links and
thesecond category ffecimens 11 to 14) belongs to specimens tested to assess the
reliability of the damage laws developed using the results of the LCF tests. As
summarized irmmable3.3, Specimens 1 to 5 were nominally identical HEAliGRs

of length 600 mm and™®®°of 1.28 and 1.29. Specimens 1 to 5 were subjected to
constatDPSOLWXGH F\EXDB ¥0.06) £0.09, £0.12, and+0.15 rad.
Specimens 1o 4 utilized direct brace attachment det&lg(re 3.4a) whereas
Specimen 5 utilized gussplated attachment detaligure3.4b). On the othehand,
Specimen 6 was a longer link with a length of 800 rRigyre3.4c) and a!™*®°of

1.72 which was subjected to the largest consdanlitude cyF O HV £0120 rad.

Specimens 7 to 14 were identical buifi shear links with d™*?°of 0.98 which all
utilized the eneplated replacement schentédure 3.4d). It should be emphasized

that the splices located in beams and braces of thelatedl detail Figure 3.4d)

were mandatorily included in the system due to changes which wdeetmthe test
setup. No sign of detrimental behavior was recorded during the tests for these splices,
and therefore, the focus was on the LCF life of the link ispets. The only
difference among Specimens 7 to 10 was the utilized loading protocol. pscim

to 9 were tested under constadtP SOLW X G H EWBXHHI.U9,Rhd:0.15 rad
whereas Specimen 10 was subjected to sisigked constaramplitude cycle/ R |

= +0.09 rad. Specimens 11 to 14, on the other hand, were tested under more
complicate loadings to assess the reliability of the developed damage laws. Details

of the applied lading protocols are given in the following sections.

In all specimens,slip-critical type bolted connections, designed for forces

corresponding to the fully yieldeweb or flange plates, were employed. The AISC

Seismic Provision$248 recommend bolts to be fully ptensioned and faying

VXUIDFHV WR KDYH VOLS FRHIILFLHQWYV HTXDO WR RU ¢
surfacesas per AISC 36416 [254. Consequently, Grade 8.8 higtrength bolts,

which conformed to ISO 898[255, were utilized in the connections and fully pre

tensiored by making use of a calibrated torque wrench. Furtbee, all faying
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surfaces were manually sand blasted to achieve Sa2.5 surface conditions, as per ISO
85011 [25€], with a reported coefficient of friction in the range of 0.47 tqPH].

Welding details for all connections are indicatedFigure 3.4. In all welded
connectims Gas M#&l Arc Welding was utilized with SG2 electrodes (similar to
ER70S6 electrodes) with a nominal tensile strength of 540 MPa. It should be noted
that, in the buitup BU250 sections, the web was attached to the flanges using fillet
welds of size 5mm. The ASC Seismic Provisionf248 require completgoint-
penetation (CJP) groove welds for such connections, however, the fabricator
recommended using fillet welds considering the rather thin web of theupuilt
section and the difficulty associated with its beveling. As sheigare3.4d, fillet

welds were utilized to connect the buifp links to the end plates. In cases where a
link connects to a column, the AISC Seismic Provisip?24g classify welds
attaching link flanges to the columas demand critical. According to the
Commentary of the AISC Seismic Provisiofzg, demand critical welds are
generally (CJP) groove welds so designatzhbse they are subjected to yield level

or higher stress demands. Development of satisfactortdioklumn connection
details is the subject of ongoingsearch38] and the Commentary recommends
avoiding EBF configurations with links attached tunns. Recent tests on links
connected to end plates with fillet wel@¥] and linkto-column connections with

all around fillet welds[41] showel acceptable performance. Based on these
observations and the recommendations of the fabricator, it was decided to use fillet
welds to connect BU250 links to the end plates. No detrimental behavior was

observed due to the use of such welds as oppgogbe use of CJP groove welds.

3.2.3 Loading Protocols for Reliability Assessment of the Damage Law

As stated in the previous section and summarized@aiole 3.3, various loading

protocols were utilized in the present study which are all depicteédume3.5. The

loading protocols were defined based 8t WRWDO OLQN URWDWLRQ DQJ
earlier, the diierence between the vertical displacements recorded by the $VDT
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placed at the link end$igure 3.2) was divided by the link lengtle) to obtain
Consequently, in each test, the displacement applied by thaufigdactuator was
monitored carefully and adjusted accordingly in order toWothe selected loading

protocolappropriately.
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Figure3.5. Utilized loading protocd in the experimental program

Based orFigure3.5a, the loading protocol with constaamplitude cycles, utilized

for Specimens 1 to 9, contains four initial elastic cycles for checking the proper
response of theest setup as well as the instrumentations. A ampftocedure was
followed for the loading protocol of Specimen 10 which is composed of situgd

constardamplitude cycles of rad, as shown ifigure3.5b.

In order to assess the reliability of the calibrated damage laws for each link section
type (HEA160 and BU250), more complex loading protocols with proportional and
non-proportional loadings were considered. No additional tests were conducted for

the reliability assessment of the damage law calibrated for HEA160 links, and
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instead, results from two experiments conducte&dgkurt and Topkaya [8ere
considered where HEA160 links with similar strength and a length of 600 mm were
tested under rpportional loading protocols. The first of these specimens was
subjected to the loading protocol of AISC 3¥A[75], and the second one was
subjected to the loading protocol of AISC 34d[248, which are shown ifigure

3.5c andFigure3.5d, respectively. These protocols (generally ref@ito as theld
andrevisedprotocols) are originally intended to be used for qualifying the cyclic
behavior of linkto-column connections in EBFs, however, they have been
frequently used in previous studies for investigating the behavior of isolateagn
well as EBFs with interal links (i.e. links located in the middle portion of floor
beams).

For reliability assessment of the damage law for BU250 links, Specimen 11 was
subjected to the revised protocol whereas Specimens 12 to 14 were respectively
subjected to the three arlaity loading protocols depicted Kigure 3.5e to Figure

3.59. The loading protocol designated as Arbitrarfiggre3.5¢€) is identical to the
random loading protocol proposed and previously uge@Kazaki and Engelhardt

[39] which imposes relatively large excursions duringyeaycles. The loading
protocol shown inFigure 3.5f, i.e. Arbitrary 2, is in fact a combination of two
consecutive loading scenarios) the randomloading protocol ofOkazaki ad
Engelhardt [39amplified by 0.50 followed byii) the same random loading protocol
amplified, this time, by 0.70. The last loading protocol Arbitrary 3 Figure3.59),

was, on the other hand, generated in the course of the present study to represent a
more realistic loading similar to an earthquak@uced one. Therefore, the protocol

was proposed badeon a history of link rotation angle mped byRichards [48]

from a nonlinear timéistory analysis of a-8tory EBF with short links. The history

was first simplified and then appliégo times consecutively during the Arlaity 3

loading protocol: if once with an amplification factor of 1.5 followed hy) (@
second time with an amplification factor of 2.0. The idea behind amplifying the
response was to observe failure of the speciomefer the applied loading history.

The abitrary loading protocols were experimented after the LCF tests were
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completed and the damage law was calibrated. Based on this calibration, the
expected damage to the link by applying the original form of the-ditaition history

of Richards [48]was estimated to remain well below the link fracture level.
Therefore, several different alternatives were considered and finally it was decided
to amplfy the loading history by 1.5 and 2.0 and subsequently apply it to Specimen
14. 1t is worth noting thiaeffects of special phenomena such as ratcheting were not
included in the arbitrary loading protocols investigated in the present study. EBF
structurescan in some cases exhibit ratcheting behavior under strong earthquakes
[173. Numerical stueks should be conducted to determine the amount of residual
deformations in such cases, which haveasamount impact on decisions for

demolition and repair.

3.3  Experimental Results

The hysteretic response of the tested rolled HEA160 as well asupudt)250

specimens is presented figure 3.6 andFigure 3.7, respectively, in terms of link

shear Y YHUVXV WRWDO OLQN URWDWLRQ DQJOM 7TKH PHW
the measurements was discussed earlier. The link shear, on the other &and, wa

determined a¥ = Fhcol/Lbay, WhereF is the force applied by the actuatigg is the

distanceébetween the column end pins (i.e. 2700 mm) Lards the bay width which

is equal to 5000 mm according agure3.1. A summary of experimental ndss is

also presented ihable3.4.

The maximum total and plastic link rotation anglé¥{and 7*) experienced by

the link are reported ihable3.4. For all specimens except Specimen 11 these values
are in fact equal to the maximum applied rotati@rsthe other hand, for Specimens
11 which was dsted under the revised protocol, tf&* and T values were
determined according to AISC 346 [248. It should be noted that, thevalues
recorded in the tests were converted taising .= - V/K, whereK is the link
elastic stiffness which was determined as 21000 kN/rad for the HEIAS and as
67600 kN/rad for the BU250 links. Further details regarding the determination of
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can be found irBozkurt and Topkaya [8]For tests conducted uerdconstant

amplitude cycles (i.e. Specimens 1 to 10)rthmber of cycles to flaire (Nr) is also

reported inTable 3.4 considering two criteria:i) the instant at whiclv dropped

below the measured link shear strength. {/,,"***based orTable3.3) and (i) the

instant at which fracture was observed during the test. These two criteria offer very

similar results for most of the specimens because, as shdwguire3.6 andFigure

3.7, the loss of shear strengilasvery sudden and no gradual redantin strength

was observed after the initiation of fracture. Only in Specimen 1 the fracture was

observed at the 1¥3cycle and the capacity dropped below the measlire

strength after the 1¥7cycle.
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Figure3.7. Hysteretic response of Specimer4Z (builtup BU250 links)

The observed failure modes are summarizeihinie3.4 and depicted ifrigure3.8.

In general, two distinct failure modes were observed, nawe fracture and flange
fracture. For Specimens3l which were HEA160 links subjected to 0.03 rad, 0.06

rad, and0.09 rad constaramplitude cycles, web fracturd=igure 3.8a) was

dominantly observed. Specimens 4vhich were very similar to Specimens3.1

however, subjected to larger rotations, exhibited severe flange mgiéddiowed by

flange fracture Kigure 3.8b). The only intermediate link (Specimen 6) which was

tested under the largest link rotation angle of 0.20 rad also exhibited severe flange

buckling and fracture. No sigres web bucklingwere observed for HEA160 links

which had a lowh/ty ratio. These specimens were provided with stiffeners with a

spacing calculated based on a plastic link rotation capacity of 0.08 rad. Although
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Specimens 4 to 6 were subjected to largestglaotation angles, the webs of these
links exhibited stable beker without shear buckling. Flange buckling observed in
HEA160 links is due to the relatively high flange slenderness of these members.
Although the flanges satisfied the slendernessdifioit shear links as per the AISC
Seismic Provision$248 andEurccode 8 [142] flange buckling was observed at
large link rotation angles that eventually lead to fracture of these flanges. The
intermediate link (Specimen 6) did not satisfy the flagsigaderness limit given in

the AISC Seismic Provisiorj24g, however, qualified as a Class 1 cross section that
can be usedor DCH systems according ®Burocode 8 [142]Nevertheless, this
specimen also experienced severe flange buckling leadinactarie of the flange.

Table3.4 Summary of experimental results

max max [\
# (rad) (rgd) V<VMe&  Fracture Failure Mode
1 0.030 0.020 117 113 Web Fracture at Edges, b, ¢
2 0.060 0.048 22.5 22 Web Fracture at Edgeshb, ¢
3 0.090 0.076 10 9 Web Fracture at Edgesc
4 0120  0.110 75 6.5 Severe F::‘ir’;?:teurBeUCk"”g and
5 0.150 0.135 4 35 Severe Flange Buckling and

Fracture

6 0.200 0.187 1 05 Severe FII:arr;g(;:?urBeucklmg and
7 0.030 0.026 36.5 36 Web Fracture at Edg
8 0.090 0.084 5 4.5 Web Fracture at Edgesd
9 0.150 0.145 15 15 Web Fracture at Edgesd
10 0.090 0.086 16 15.5 Web Fracture at Edgesd
11  0.110 0.105 - - Web Fracture at Edgesd
12 0.140 0.134 - - Web Fracture at Edgesd
13  0.095 0.090 - - Web Fracture at Edgesb
14  0.170 0.164 - - Web Fracture at Edgésd

a|n each web panel, the top edge is designatedraght edge ab, bottom edge as and left edgeasd.
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Figure3.8. Typical failure modes: (a) web fracture in HEA160 links; (b) severe

flange buckling and fracture in HEA160 links; (c) web fracture in BU250 links

For the builtup BU250 links (i.e. Specimens 7 to 14), the only domiraihire
mode was web fractur&igure3.8c). It is worth noting that, iTable3.4, pattern of
the observed web fractures is also presented by reporting the torn edpes of
fractured web panel. Edges of each web panel are desigmilea, b, c, andd as
defined in this table. For instandagure3.8c depicts a web fracture where Edges
andd were ruptured. The results summzad inTable3.4 demonstrate that in most
cases at least one line of fracture occurred in the vicinity of the stiiemerb
welds provided that the failure mode was web fracture.

Due to the higlin/ty and te raher large stiffener spacing in the BU250 links, unlike
the shallow HEA160 links, web buckling was clearly observed in Specimens 7 to 14.
Signs of such web buckles are visibleFigure 3.8c. The codified plastic tation

angle capacity of BU250 links is 0.065 rad as per AISC1¥[24§ for the provided
stiffener spacing. The test results revealed that web buckles formed at relatively low
values of plastic rotation £ 80.02 rad, however, the effect of web buckling on the

link shear strength became more pronounced at larger pldatioms. For instance,
although buckles formed at very early stages of loading in Specimen 11 which was
subjected to the revisedgbocol, strength degradation initiated at the cycle of 0.062
rad of plastic rotation, which is close to the rotation capacegicted by the AISC
Seismic Provisionf24§ for this specimen.

Experiments were conducted by other researchers in the past to investigate the
implications of having fewer number of f&ners than required for a plastic link
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rotation capacity of 0.08 rad. Tests conducte®kgzaki and Engelhardt [3@hd

Ji et al. [258khowed that specimens with fewer stiffeners erpeed web buckling

at low levels of link rotation, however, these links were deemed to have an acceptable
performance by sustairgnplastic rotations in excess of 0.08 rad. A similar
observation can be made based on the findings from Specimen 11. Tsespe
sustained 0.105 rad of plastic rotation before failure although fewer number of
stiffeners were employed. The implicationdaking less number of stiffeners from

a LCF standpoint are discussed in the following sections.

3.4  Low-Cycle Fatigue Behavior & Specimens

Specimens 1 to 6 (HEA160 links) as well as Specimens 7 to 10 (BU250 links) were
experimented under constaarnplitude gcles figure 3.5ab) to have a direct
investigation on the LCF behavior of links. TNevalues reported iffable 3.4

clearly demonstrate that increasing ttyecle rangewill result in a significant
decrease in the number ofcles to failure. Cycle range™ () is the difference
between the maximum and minimum rotation angles experienced by a link during a
cycle. It is worth noting thaplastic cycle rang¢ ™ ) can also be defined similarly

as the difference between theximum and minimum plastic rotation angles (e.qg.

for Specimen 3, tested under constthP SOLW X G H RORPOitdd/ the Icycle

range is” UDG DQG WKH SODMW.1F2 red)FAzeordinig @ JH LV
Table3.4, for instance, Specimen 1 sustained 113 cycles of range 0.06 rad prior to
fracture whereas the almost identical Spen 5 endured only 3.5 cycles of range
0.30 rad before fracture. Results for Specimen 6 demonstrated an extreme case in
which the link was not even able to sustain one full cycle prior to fracture.

Another important issue deduced from the experimentaltseis the effect of web
buckling on the LCF behavior of shear links. As it can be sefralite 3.4, the
HEA160 links have sustained significantly more number of cycles prior to failure
compared to the BU250 links when subjected to identical loading protocols. For
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instance, Specimen 3 (HEA160) endured 9 cycles of range 0.18 rad while Specimen
8 (BU250)failed during the 8 cycle of the same range.

The constanramplitude test results substantiate the fact that,-in@&ced fracture

is not solely dependent upon the maximum rotation experienced by a link and is
rather a matter of the accumulationdaima@. Thus, during a strong earthquake, an
EBF link might fail by experiencing a number of cycles of moderate rotations or by
experiencing a very few number of large cycles. On the other hand, a link might
remain fully intact if it experiences, for ingte, only one cycle of rather large
rotation or a few numbers of oseled large rotations. Therefore, assessing the
performance of an EBF system solely based on the maximum rotation exhibited by
its links might not be fully accurate. It is worth notin@tthasimilar approach is
currently in use by a number of codes and standards such as ASCH249,.
Consequently, in the following sections, a cumulative measure for assessing the
performance of shear links is presented. The measure in fact provides an estimate on

the exhastedand remainind.CF life of a shear link under any loading scenario.

3.5 Calibration of a Cumulative Damage Law for Specimens Tested as a
Part of the Present Research Program

Based on the experimental results and the previous discussions, a damage law is
calibrated in this section for the HEA160 and BU250 specimens tested as a part of
the research program. Various damage models are available in the literature,
however, in this study, the following wé&hown cumulative damage law is
considered259:

D cl(ay (31)

whereD is the amount of damage which lies in the range of 0 (undamaged) to 1.0
(failed), N is the number of inelastic cycles, . is the plastic range of thé cycle,
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andC andc are the structural performance parameters. TdférzManson relation
and the PalmgreMiner rule form the basis of the damage law. The former suggests
that:

N, C*("J)° (3.2)

which indicatesfiidentical steel components are tested undesteosamplitude
cycles, however, each one under a different plastic cycle range.ahe relation
betweenNr and © - will be a power function (i.e. linear on a kap plot). The
PalmgrenMiner rule, on the other hand, suggests that the damege different
cycles can be summed linearly. Thus, it can be deduced tBauation (3.1) the
power termC(~ )7 represents the damage due toitheycle which can be linearly
summed for all inelastic cles ( = 1, 2, 3, ...,N) to obtain the total damagB,

under a full loading history.

Based on the damage law, if the structural performance parameters are calibrated
properly and provided that the abestated hypotheses are accurate, a shear link
shall fal exactly whenD appoaches to unity. Although the limit & = 1.0 cannot
precisely pinpoint the instant of failure in reality, experiments conducted by
Krawinkler et al. [259]demonstrated that the damage law is capable of providing
good predictions for steel specimensddilinder different ma. Furthermore, the
damage law has been utilized extensively in the liter46@ 261] and is found to

be a convenient tool for investigating the LCF behavior of steel members and

accumulation of damage under aamiform strain histories.

Given that working with total link rotains instead of plastiink rotations can be
more convenient in practical cases, the damage law and @&dfison relation
presented ifequationg3.1) and(3.2) can also b written in terms of cycle range as

follows:
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("3 (33

N, C'(")° (3.4)

whereNds the number oflamagingcycles, uis the range of thé" cycle, and®0

and bare the structural performance parameters calibrated based on cycle range
instead of plastic cycle range. A similar approach was utilized previously by
Richards and Uang [73h the process of proposing the revised loading protdicol.
should te emphasized thatyhen working with™ L Q V&V H B & lower bound

shall at least be defined to filter out small elastic cycles which will not induce any
damage to the linkRichards and Uang [73uggested this lower bound limit as
0.0075 rad and, therefore, texthany cycle with” > 0.0075 rad a damaging cycle.

The same approach is used in the pretbesis

According toKrawinkler [262] in order to calibrate the damage law, at least three
constardamplitude cyclic tests shall be performed. The results of these tedts«(i.e.
applied * - or " of each test and the correspondidg along with the Coffin
Manson relation Equation(3.2) or (3.4)) can then be used for the calibration®f
andc or &and & The same procedure was followedtiis chapterusing the results
found for Specimens-2 and 710. It is worth noting that, although Specimen 6 was
also tested under constarnplitude cycles, it was not included in the calibration
process mainlgue tothe fact that it qualified as an intermediate link when measured
properties were considered.

The calibration results are summarizedFigure 3.9. In this figure, each circle
corresponds to one of the experimental results. The dashed lines, on the other hand,
are power functions (see CoffManson relation irfequation(3.2) or (3.4)) fitted to

the test results. It should be emphasized thatith@lues used in this figure are those
reported inTable3.4 based on the criterion of fracture initiation. According to the
tade, theNr values are maly similar considering both criteria, however, the fracture
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criterion was selected for the calibration since it was presumed to be more consistent

with the theoretical basis of the damage IRigure 3.9a depicts the dependency of

Nt to the applied plastic cycle range () which, as anticipated, is almost linear when

the axes are in logarithmic scaléigure 3.9b, on the other hand, presents the
dependeay of Nt to theapplied cyclerange( ZKLFK LV DOVR IRXQG WR E
a loglog plot. This further confirms that the dama@9 €an also be related to the

cycle range, as iBquation(3.3), to be used moreoaveniently in practice.
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Figure3.9. Calibration of the damage laws based on (a) plastic cycle range and (b)

cyclerange (axes are in logarithmic scale)

In each suplot of Figure3.9, two sets of data are presented which correspond to the
experimental results found for the rolled HEA160 links and tonlBU250 links.

The markedly different behavior of HEA160 aBW250 linkscan be attributed to

the cyclic web buckling observed in BU250 links which had a profound effect on the
LCF life. It is worth noting that, although in the HEA160 tests Speciménfailed

due to web fracture while Specimen$ 4ue to flangertcture Table 3.4), the

linearity ofNs versus™ (or * ) was not affected notably as showrFigure3.9.

The equation corresponding to each of the fitted power functions is also reported in
Figure3.9. Comparing these fitted functions wilguationg3.2) and(3.4) will yield
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the calibrated values @ andc as well a<¥andd&for the HEA160 ad BU250 links.

Thecalibrated damage lawsan consequently be suranzed as follows:

_ N
2.7056 | ()™

D ® o for HEA160 (3.5)
3.64831 (g §

|
il

D ® . for BU250 (3.6)

By knowingthe number of inelastic cycleN) or damaging cycles$ andinputting

the associated plastic cycle rangésg),or cycle ranges{ ) into Equation(3.5) or

(3.6), the LCF damage (0D ” H[SHULHQFHG E\ DQ +($ RU D %8
link can readily be estimated. The calibrated powers in these equations are all above

1.0 indicating that the damage induced by a large cycle to a shear link is significantly

more than that of a small cyclé should be mentioned that, the calibrated damage

laws are further generalizedrnext sectionsor practical use.

3.6  Verification of the Damage Law Using More Complicated Loading

Histories

The calibration process was conducbeded on the results of ceastamplitude

cyclic tests. However, the main objective is to use the damage law for estimating the
fracture life of an EBF shear link under any loading history. As discussed earlier, the
reliability of the calibrated damagewa for HEA160 links Equatian (3.5) was
assessed based on the results report&bblurt and Topkaya [8pr two HEA160

links, namely SP2 and SP1, with= 600 mm. These links, which had similar
strengths to those of Specimens 1 to 5 of the present study, faif@ticdt0.095 rad

96



and 0.135 rad (corresponding t&** of 0.11 rad and 0.15 rad) under thd and
revised protocols of AISC, respectiveRigure3.6). This was an expected outcome
since previous studiesate clearly demonstrated that the glabtocol is overly
severe for testing short links and would result in lower rotation capacities compared
to the revised protocdB7, 73]. The reliability of the calibrated damage laws for
BU250 links was, on the other hand, assessed by making use of the results for
Specimens 114 which were tested under thievised and arbitrary loading

protocols.

The loading protocol associated with each of these specimens is depietgdren

3.10 along with the instant of fracture observed in #& Bgainst the excursion at
which the value of calibrated damage (found Eguation(3.5) or (3.6)) exceeds

unity (i.e.D > 1.0). In other words, the figure compares the failure point observed in
the test with that predicted by the calibrated damage laws. Furthermore, the
accumulation of damag®j is also plotted in the figure with grey dashed lines which
start flom zero (lased on the secondary vertical axis on the right side of each subplot)
and gradually increase along the loading history. The excursion at which this grey
line hits the horizontal axis dd = 1.0 indicates fracture based on the calibrated
damagedws. It slould be emphasized that, feigure3.10, D is calculated based on
cycle ranges( ), however, almost identical results would have been found tigplas
cycle rangeg * ), were utilized in thedamage lawsSince cycle ranges are not
obvious for Specimens 1”4 (tested under arbitrary loading histories) an algorithm
was utilized for determining the damage which is thoroughly discussed in the

following sectiors.

Results summarized figure3.10reveal that, the damage laws calibrated based on
results of constaramplitude cyclic tests are reliable and are able to predict the
instant of fracture during proportional and arbitrary logdnistories as well with a

reasonable accuracy.

97



— Loading Protocol e Fracture (Experiment)

----- Damage - Fracture (Damage Law)
0.2 > 2
&)
g 2 ° AL 225
-C% b AAAA/\AAAAAAAAAAAAA =
= 0 AAAAAAAAY V V 1 ©
WYTIVIVVTVY o5 £
0.2 SP2 Bozkurt&Topkaya__(»Z_p_l__?}) _______ 0 [a)
0 5 10 15 20 25 30 35
Cycle
0.2 2
b 1/ @,
s 014® AAAAE\"FLS Y
g 0 I . o N VA AVAVV\VAVI\VAVAVAVA ; 1 I
WL s 2
0'2 SP1 Bozkurt& Topkaya (2017) . 0 a}
0 5 10 15 20 25 30 35 40
Cycle
0.2 2
o
C =
s 0140 AMA—st
g 0 . o o AAA VAVAVV\VAVAVAVAVAVAV 1 %
W s 2
0.2 Specimen 11 0 o
0 5 10 15 20 25 30 35 40
Cycle
0.15 ; 2
(a]
S 0.05 - @ /\/\/\ /\/. I /\ 15 g
g ’ I v I;""r--A I VA ‘ 1 %
-0.05 - \/ o5 &
015 Specimen 12 — ' 0' a
0 0.2 0.4 0.6 0.8 1
Normalized Time
0.1 2
~ 0.05 (e) H , 1.5 e
-‘g 0 b AA LA AAI :"’"\[ ————— - 'A ‘ 1 %
= V ¥ \/\[\/\/\/\l v ' V I
- 4 1 WYV ¥ ] L <
O'OOi Specimen 13 P 1 8'5 [a]
0 0.2 0.4 0.6 0.8 1
Normalized Time
0.2 2
=~ 0.1 - ® 1 - 15 %
8 0 A\/I\IAVV/\/\ N 1 8
=~ ava €
- ] g <
g; Specimen 14 8'5 o

0 0.2 0.4 0.6 0.8 1
Normalized Time

Figure3.10. Comparison of the test results with predictions of the calibrated

damage laws
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3.7 Development of aGeneralized Damage Law for Shear Links

Although the damage lawslibrated in the previous sectofEquationy3.5) and

(3.6)) are reasonably accurate, they should be modified to be used in practical cases
due to the fact that a numbef limitations are associated with them. For instance,
the link length ratios and geometrical as well as material properties of the specimens
usal in their calibration process limit their range of direct applicability. In order to
propose a more comprelsave damage law for shear links, indeed many more
number of specimens shall be tested. Nevertheless, having these limitations in mind,
an attemphas been made in this section to expand the applicability range of the
calibrated damage laws.

A comprehensig database compileduring theliterature review of Chapter2
revealed that the number of tests conducted previously on short links using eonstant
amplitude cycles is very limited. Therefore, the results oldain®ugh these tests
cannot be directly used for the calibration of both the p@mdrthe coefficient of

the damage law. However, assuming the value of either of these unknowns, the other
value can readily be determined. According Equations(3.5) and (3.6), the
calibrated powers (i.e.andd for HEA160 and BU250 links are very similar despite

the drastically different LCF lifespans observed for these two sets of specimens
during the constaramplitude tests Table 3.4). On the other hand, the calibrated
coefficients C and@pdiffer significantly for the two test sets. These are in line with
the experimental observations Kfawinkler et al. [259]which suggest that the
powe is rather stable (between 1.5 and 2.0 for steel members under inelastic cyclic

deformations) whereas the coefficient typically exhibits a considerable scatter.

The idea behind selecting the same grade of steel for HEA160U#REDBInks was

to observe th difference in calibrated powers for these sets of specimens. The test
results revealed that, although the calibrated powers are close to each other, there is
still a variation in values even for the same material type. Funtirer in general,

the poweris expected to be influenced by the selected grade of steel. While many
more LCF tests on shear links with different grades of steel are required for an
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accurate assessment, a decision on a representative power value can l@sethde

on test data availablin the literatureDusicka et al. [263$tudied the LCF behavior

of plate stee through cyclic tension amdmpression testing of coupons. Apart from
low yield strength materials, three different grades of steel were considered namely
GR345, HPS485, and HT440 which conform to ASTM A709M, ASTM A709M
HPS, and BTHT440C standards, resgtively. The measured yiektrengths of
GR345, HPS485, and HT440 were 353 MPa, 503 MPa, and 501 MPa, respectively.
The calibrated powers} determined based on applying the damage law presented
in the present paper, are 1.78, 1.81, and 2.00 for GR3B5485, and HT440
specimen, respectively. The findings are in line with those of the present paper that
HPS485 and HT440 specimens were found to have somewhat different powers
although the yield strengths were similéasai et al. [51ftudied the LCF behavior

of thick shear panels fabricated without welding. In addition to cyclic shear tests,
these researchers also studied the LCF behavior underaadatg for Japanese

steé grades SN400B and SM490A with yield strengths of 273 MPa and 332 MPa.
The test results revealed that the calibrated poweesd 1.82 and 1.81 for SN400B

and SM490A, respectively, when the plates are subjected to cyclicvgheas

they are equalot 1.98 and 1.96 under axial loading. These results suggest that the
direction of loading is also important in determining the value of the p&aérm

Milani and Dicleli [264] studied the LCF performance of soliylindrical
componentssubjected to torsion. The calibrated power was equal to 1.65 for
S355J2+AR steel rods having a yield strength of 404 MPa. Furthermore, results from
these experiments on material response show that the power ranges mostly between
1.5and 2.0. Considering ¢hscarcity of the LCF data for EBF shear links and based
on the experimental results presented in¢hepteras well as those reported in the
aforementioned tests on bare materials, mean powexs=ofl.8 and& = 2.0 are

consenatively suggested fquractical use.

In the next step, to recommend a reasonable value for the coefficient of the damage
law, appropriate tests conducted previously by other researchers on shear links were
carefully examined. It should be emphasized tthag to the difficultis associated
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with working with plastic link rotations, only the coefficieffivas investigated. To

this end, firstthe instant of fracturerlf) was determined in each test as the point of
anotable drop in the load carrying capacity of the link. THerd@&ned instant was
also checked to comply with the reported experimental observations. Afterward, it
was assumed that the tifie= Ty correspods to the state of full damage, 2=

1.0. Finally, usingequation(3.3), assuming = 1.0,&= ¢, and determining the
number of damagingycles ¥ corresponding to the timespan®f 0 to T, the

value of(®was backcalculated for each of the investigated specimens.

Although the original datasetompiled diring the literature review ofhapter2
contained 218 specimens, a total of 59 links were considered in this section which
were all short steel links!( "1.6) tested cyclically. The selected specimens did not
exhibit any premater fractures as a result of issues such as connection failure or low
weld quality. Specimens that were stiffened for a plastic link rotation capacity of
0.08 rad according to the AISC Seismic Provisif243 as well as the ones with

fewer number of stiffeners were both considered.

The datast consists of specimens 4, 7, 9 frelielmstad and Popo\§], specimens

17, 23 fromMalley and Popov [17]specimens 3 andfrom Kasai and Popov [18]
specimens D1 and D2 froRicles and Popov [70Bpeamens 4C, 8, 10, 4RLP,
AC-RLP, 8RLP, 16RLP, 12, 12RLP, 12SLP fromOkazaki et al. [37]specimens

S1, S2, S3, S4, S10 fro®kazaki and Engelhardt [39%pecimens NAS, AISG,
AISC-6 fromOkazaki et al. [4], specimen H485 fromusicka eal. [44] specimens
L11C, L11D, L12, L13, L22, Q13, Q21, Q22 fralnet al. [258] specimens RSP,

RSL-3, RSL:4, RSL:5, RSL:6-2, RSL-6-3, RSL-7, RSL-8, RSL-9, RSL-10 fromLiu

et al. [265] specimen EPM 1B from Mansour et al. [49]specimens SP1, SP2 from
Bozkurt and Topkaya [8hnd specimenstd 11 (excepBpecimen 6) tested as a part

of the presenthesis It should be noted that the specimens S6 and SO@immaki

and Engelhardt [39)ere excluded from the data set because these specimens were
identical to the S4 specimen except the welding process used for cogribeti
stiffenas to the link. The S4 specimen showed a much better performance as
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compared to S6 and S9. Shielded metal arc welding (SMAW) was used for specimen
S4 while seHkshielded flux cored arc welding (FCAW) was used for specimens S6
and S9. The loer fracture toghness and higher heat input of the FCAW process
was considered responsible for poorer performance of specimens S6 and S9 by
Okazaki and Engelhardt [39Furthermore, specimens AlSCand AISC7 from
Okazaki et al. [41jvere also excluded from the data set because these specimens
were identical to the AIS® specimen ofOkazak et al. [41] except the details
adopted for connecting the link to the column. Al&Gtilized all around fillet welds

while AISG-7 utilized supplemental web doubler stiffeners. The specimen-8I1SC
performed substantially better than these two spedraad the poorébehavior of
AISC-4 and AISCG7 can be attributed to the problems particular to thetonk

column connection detailing.

The backcalculated @values for the specimens were recorded which ranged
approximately from 2.0 to 50. Many factors &rewn to infuence the link LCF
behavior. These include but are not limited to the dimensions of the link section,
material properties, mode of failure, stiffener detailing, link length ratio, type of
connection at end of the link, and quality of workntmpsA carefliexamination of

the data revealed that the calcula@@alues are significantly influenced by the
material properties of the link web and the web buckling behavior. A mechanical
model proposed bigasai and Popov [82}as adopted to represent the calcul&¥ed
values. The following expression was developedKagai and Popov [82}o
calculate the link rotation angle at buckling:

23 I3 87K.( oslg (3.7)

where 4, is the rotation angle at which buckling is anticipated for the link web under
cyclic loading and, as discussed Kgsai and Popov [82]s the rotation capacity

that should be considered for the ultimate design of a Bnks the link rotation

angle measured from the farthest point of zero shear to the point of bu&kliag,
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the plate buckling coefficient¥is the web panel aspeditio @/h, wherea is the
stiffener spacing), andis the web panel height toitkness ratio or, in other words,

web slendernes$i/fw).

It is worth noting that, as discussedKgsai and Popov [82] . is only about 5 to

10 percent larger thafy. The plate buckling coefficienks, can be determined as

follows consideing clampeeend conditions for the link web:

898 20 it pu
K(D @ (3.9)
5.60 8'%’8 if Dd

The calculated®values were normalized by (10B0E) whereE is the elastic
modulus of steel material and the measured yield strength of the web waskised as
The normalized values are plotted with mgpo  in Figure3.11. In Figure3.11a
the entire data is presented whilémigure3.11b a closeup view is provided which
focuses on data points with normalizZ&&talues less than 14. As shown in this figure
the adopted mechanical model can successfully capture the trend of the data provided
that the calculated@alues are normalized by the yield stress of the web material.
Two ranges of behavior are identifiediin Figure3.11. For the range of, between
0.035 rad and 0.11 rad there is a drastic decrease (uhlees with an increase in

u. For values ofy larger than 0.11 rad, however, fi@alues approach to a plateau
which can be represented by a single amtstThe threshold of, = 0.11 rad can
also be justified by examining the behavior of links during the experiments. A
detailed investigation of #hliterature revealed that the specimens wj# 0.11 rad
typically experienced severe web buckling duting tests whereas specimens with

u *0.11 radgenerally exhibited stable web behavior until fracture. In other words,
the data presented Figure 3.11 suggests that for webs that behave in a stable
manner the masnfluential factor on the LCF life is the material of the web whereas
for webs that experience severe buckling, the LCF life is influenced not only by the
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material of the web, but also bywhich depends on the web panel aspect ratio and

web slenderness

The behavior shown iRigure3.11further substantiates the selection of two different
link sections for studying LCF of shear links in the present study. The HEA160
specimens with proper stiffening and stockyow/bave , values in the range of 0.13

to 0.15 radians and behaved in a stable manner during the experiments. The
differences in y values are due to the differences in measured dimensions between
the specimens. On the other hand, the BU250 specimenwidéhstifener spacing

and slender webs have avalue equal to 0.069 radians and experienced significant
web bucking during the experiments.

40 14 Hjelmstad and Popov (1983)
35 12 1 A Malley and Popov (1984)

4 Kasai and Popov (1986a)
30 A 10 A Ricles and Popov (1989)

25 Equation ; Okazaki et al. (2005)
(3_9) B Equation o Okazaki and Engelhardt (2007)
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Figure3.11. Values 6 normalizd determined based on the results reported in
the present study as well as previous studies: (a) the entire data; (b)apclose

of data points with normalize@¥alues less than 14

On the basis of the above discussions, the follgvaguation was delagped to

represent the data presentedrigure3.11:

(20 J2*) if 0.035d,J 0.1
>1

(3.9)
(2350) if J t0.11

5
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The predictions offered by this equation are also plottédgare3.11 with a solid

line. As it can be seen, the proposedatgpn provides predictits with a reasonable
accuracy for a wide range af. The ratios of calculated to predicté@alues have

an average, standard deviation, maximum, and minimum equal to 0.98, 0.20, 1.59,
and 0.61, respectively. It should be notédt, the statistical measures are not
significantly affected by includingspecimens S6 and S9 fro@kazaki and
Engelhardt [39hnd specimens AIS@ and AISC7 from Okazaki et al. [41]When

these specimens are included in the data set, the average, standard deviation,
maximum, and minimum of the rasobecome 1.02, 0.25, 1.66, and 0.61
respectively. It is also worth noting thaetapplicability oEquation(3.9) is limited

to 0.035” since there are no experimental results in the literature below this level.
Furthermore, for practical links, theangle is typically above 0.035 rad.

Consequently, based on the original form of the damagd&HBguation(3.3)), the
following generalized damage lawan be recommended considering the mean
power of& = 2.0 and the coefficient @vhich can be estimated usifigjuation
(3.9):

D C N: ('3)*° (3.10)

3.8  Algorithm for the Application of the Generalized Damage Law for Shear
Links

The presented generalized damage law is a convenient tool for estimating the
exhawsted as well as remaining LCF life of internal shear links. The damage law can
be used as a guide for investigatitige occurrence of link fracture during an

earthquake, however, the range of cycles, which is required as an input for the

generalized damagaw, is typically not obvious in the output of nonlinear time
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history analysis. In such cases, the link rotatiatony is first transformed into a
series of symmetric cycles taking advantage of special techniquesafafthw
counting, broadly knownas cycle counting method266. On the basis of these

methods, the following steps can be taken to detect the occurrence of link fracture:

1. From the results o& nonlinear analysis extract the time history of link

rotation for the link under investigation.
2. Setn=n+1, wherenis a counter with an initial value of zero at Step 1.

3. Crop part of the link rotation history which is frohw= 0 toT = n "T, where
“T is the time step size at which the results of the analysis are saved.

4. Perform a legitimate cycle counting technique on the cropped part of the link
rotation history (obtained in Step 3) to determine the corresponding
symmetric cycles. For immtce, follow the rainflow counting algorithm
explained byRichards [48]

5. Calculate the damag®]) exhibited by the link under the symmetric cycles
(obtained in Step 4) usingquation(3.10). Only consider the damaging
cycles in this step, i.e. cycles with ranges larger than 0.0075 rad. Save the

current pair of i “T, D] as a data point.

6. Return to Step 2 and repeat the process until the end oftheoliation
history is reached.

7. Plot the link rotation history. In the same figure, also plot the saved pairs of
[n "T, D] (obtained in Step 5) using a secondary vertical axis. The final plot
will, for instance, look similar téigure3.10d-f.

8. The fracture can be considered as the instant at which the accumulation of
damage reaches to uniiye(D = 1.0).

These steps are also illustrated for a sample caSgume3.12. As shown in this
figure, consecutive cycle counting algorithms are performed to determine the
accumulation of damage and initiation of fracture through the link rotation history.
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Figure3.12. The link fracture detection algorithm

3.9 Practical Application of the Generalized Damage Law to the Shear
Links of Christchurch Hospital Garage

The first documented field fractures of links in EBFs was after the earthquake on
Febwuary22, 2011, in Christchurch, New Zealand. Large fractures were found in two

of the links of the parking garage of Christchurch hospital. The structure employed
a group of EBFs as a lateral fonasisting system. There are 8 EBFs in each
principle diret¢ion and link fractures did not result in structural collapse due to this
high level of redundancy. Preliminary assessments suggested that the cause of the
fractures was due to the misalignment of stiffeners with the brace fl@éng®r the

two links that fractured, no fractures were observed on the other end of the links
where there was no misalignment. Furthermore, other links of EBFs which did not

have ag misalignment did not fracture either.
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A comprehensive mukscale forensic analysis of the Christchurch hospital garage
fractures was conducted W§anvinde et al. [7] The study cosistedof material
testing, nonlinear time history analysis of the structure, and detailed finite element
analysis of the fractured links. The studied links were namé&dadd EW links
according to the position of these members with respect to thergugtinlayout.

The recorded ground motion history was applied to a numerical model employing
line elements to obtain the link rotatior) istory for these fractured links. Two
different values of maximum link rotation were reportedKdanvinde et al. [7]
depending on whether the deformations of the members other than the links were
considered or not. The maximum values of link rotation were reported as 0.075 rad
and 0.25 rad for N6 and EW links, respectively when the deformations of other
members were considered. These values amplified to 0.13 rad and 0.38 r&8l for N
and EW links, respectively, when other members were considered as rigid. The high
levels of link rotation were attribudeto two reasons the first being the intensity of
shaking and the other being the large values of bay width to link length ratio

employed in the framing system.

The link rotation histories obtained from nonlinear time history analysis were used
by Kanvinde et al. [7]n finite element simulations that employed the Cyclic Void
Growth Model (CVGM) for Ultra Low Cycle Fatigue (ULCF) analysis. In this
approach, a fracture indekl] is calculatd at citical points and~I > 1.0 indicates
fracture at a particular location. The links were analyzed for link rotations obtained
using the actual ground motion record and two cases were considered. In the first
case, stiffener misalignment based on firaleasuements was modeled, and in the
second case, @pecified (i.e. no stiffener misalignment) condition was assumed in
the modeling. The results confirmed the assessmen@itign et al. [6]that the
misalignment was a key factor for link fractures, particularly for tivé Ehk where

the Fl index stayed below unity for the-apecified case. On the other hand, some
of the resuls were counterintuitive as the finite element simulations shdwed
values slightly above unity for the-8llink even when aspecified conditions were
modeled. The results for the-8llink were not in line with the field observations
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because no fraureswere observed in the links where the stiffeners were properly
positioned. The CVGM is a comprehensive and very powerful approach for studying
ULCF effects under different conditions, however, the method is computationally
very expensive and is natited for a design office. The 48 and EW link models

used byKanvinde et al. [7]employed 630,000 and 430,000 hexahedral finite
elements, respectively. These observations strengthen eb@ fior alternative
approaches to be developed to detect link fractures for properly fabricated links. The
generalized damage law developed as a part of the ptiegsistan be conveniently

used for this purpose.

The applicability of the generalized dagealawis assessed by making use of the
results provided byanvinde et al. [7]N-S and EW were properly stiffened 500
mm links which employed 460UB67 and 410UB60 secti@&¥] with measured
yield strenghs of 382 MPa and 349.4 MPa, respectively. Based on these properties,
the coefficient & according tcEquation(3.9) is 4.49 and 4.10 for the-8 and E

W links, respectively. A summary of the results is presenté&igure3.13. In each
subfigure, in addition to the applied link rotatidmstory, the evolution of the
fracture index El) based on CVGMreported byKanvinde et al. [7]as well as the
accumulation of damag®j according to the generalized damage law proposed
the presenthesisare pldted. It should be emphasized that all the results presented
in Figure3.13are for the case of apecified condition wit no misalignmengigure

3.13a and bsummarize the predicted LCF behavior of th& ldnd EW links under

the earthquake loadinganvinde et al. [7hlso reported the evolution Bt under

the loading protocol proposed Bychards and Uang [73Yhich forms thebasis for

the revised protocol of AISC 3416 [248. Theefore, inFigure3.13c and d a
summary of the LCF behavior of the links predicted by CV@®ported by
Kanvinde et al. [7] and the proposed generalized damage law under this loading

protocol is also piented.
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Figure3.13. LCF behavior of the P& and EW links predicted by CVGM and the
proposed generalized damage law: (g8 Bnd (b) BNV with EQ loading; (c) NS
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Based onFigure 3.13, for the studied links, both CVGM and the proposed
generalized damage law provide very similar results in most cases. Fevthiale
(Figure3.13b and g, no fracture is detected leythermethod under the earthquake
loadingas well aghe cyclic protocol oRichards and Uang [73Furthermore, the
predicted level of exhausted LCF life by both approaches is very close (otire

of 50%). Simibrly, both methods give consistent results for the case of-thénk
under the cyclic protocol &ichards and Uang [78Figure3.13c). The only notable
difference between the results is for the case of #®liNk under the earthquake
loading Figure3.13a) where CVGM predicts fracture at abdut 35 s while the
damage D) calculated based on the proposed generalized damage law does not
exceed 0.3 throughout the loading history. In other words, thegedmeneralized
damage law indicates that no fractures would have been observed feBtlekNf

it had been constructed without any misalignment. This is in line with the field
observations where properly constructed links experienced yielding witactuire.

In addlition, based orFigure 3.13c, both CVGM and the proposed generalized
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damage law predict that the rotation capacity of tke Ihk is well above 0.16ad

in the asspecified condition, further substantiating the findings of the generalized
damage law. Despite the general samily between the results of the two
approaches, the reasons for the discrepancy obsenkgdure3.13a are unclear,
particularly during the first and last 15 seconds of the earthquake where the fracture
index Fl) of CVGM (reported byKanvinde et al. [7] shows drastic increases
without any notable rotations being imposed to the link.

The results discussed above demonstrate that the proposealigedetamage law
can yiell accurate solutions when applied to a practical case. The proposed method
does not require sophisticated calculations and can be programmed conveniently into

a spreadsheet to provide reasonable predictions.

3.10 Evaluation of the ASCE41 Metrics for Link Perfor mance

As discussed earlier, one of the main motives for the present study was the lack of
cumulative measures which can be used as acceptance criteria in the performance
based evaluation and design of EBFs. The experimentalsgefulie present study
further demonstrated that the maximum rotation angle experienced by a link is not a
proper measure for accepting its performance. For instance, as shéwgure

3.10e, the whole history of was below 0.10 rad (or. " U IorGspecimen

13, however, fracture occurred during the test regardless of the fact that, based on
ASCE 4113[249, the acceptance criterion for shear links is” 0.14 rad for the

Life Safety perérmance level and . ” 0.16 rad for the Collapse Prevention
performance lede On the other hand, Specimen Hglure 3.10f), underwent an
extreme rotation of 0.17 rad (or .= 0.164 rajl at an initialstage ofloading,

however, did not show any sign of strength degradation until many cycles later.

Evaluation of the Christchurch hospital garage structure resulted in a similar
conclusion. The maximum amount of rotation angle reported for Meliek by
Kanvinde et al. [7]s equal to 0.25 rad which is well above the limits provided in
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ASCE 4113[249. Nevertheless, CVGM and the proposed generalized damage law
both predicted no fracture for this link if it hdmeen costructed without any
misalignment. An evaluation of the response of the Christchurch hospital garage
structure based on ASCE 438 [249 would suggest that the structure should have
experienced rotations in excess of the Collapse Prevention performance limit and
significant amount of damage in a number of links includingAEand potentially
collapsed. Nevertheless, the structure performed well during the Christchurch
earthquake and remained intact except the fractures attributed to the misalignment

of stiffeners introdced dumg the construction.

The limits provided in the ASCE 4113 [249 standard are also accepted by the
FEMA P695[25( procedure which is used to develop response factors for structural
systems. The use of these limits in collapse simulation and assessment of EBF
buildings can result in errone®wconclusions because the effect of link rotation
history is not taken into aount. Assessments based on the maximum link rotation
angle are not reliable and this study demonstrated through experimental testing and
evaluation of an existing structure tikamulative measures should be adopted in the
evaluation process. The proposgeheralized damage law not only provides an
assessment method for link fractures, but also information on the remaining life of a

shear link which cannot be judged solely onrtfeximum link rotation angle.

Another important issue recently argued $yeicher and Harris [173$ that the

effect of loading histgr should also be reflected in the link modeling approach used
for the analysis of EBFs in the nonlinear dynamic procedure of ASCB 249 .

It is inferred from the study dpeicher and Harris [173hat strength degradation

in the hysteretic behaviof rame elements used for link modeling shall be initiated
based on criteria lch rely on cumulative demands. This is an important issue which
can have drastic effects on the performance evaluation of the response of an EBF
system. The proposed generalizzamage law and thesgep algorithm discussed
earlier can readily be incorpted into the formulation of a proper frame element,
yielding an efficient tool with the capability of link fracture detection. Strength

degradation in the hysteretic shear usrsotation behavior of the link element can
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then be initiated during the namtar analysis based on the level of damage

accumulation.

3.11 Evaluation of the AISC Loading Protocol from a Cumulative Damage
Perspective

The revised loading protocol of AISC SeisnfProvisions[24§ is based on a
comprehensive study dyichards and Uang [73Nonlinear tine-history andyses

were conducted by these researchers on three prototype EBF structures considering
a set of twenty ground motions. The numerical results were then synthesized to come
up with a loading protocol that had a reasonable similarity to thettaejues
obsrved in the analyses in terms of factors such as the number of inelastic cycles

and their distribution, sum of cycle ranges, and maximum rotation angle.

The experimental results of the present study along with the subsequent discussions
on the damage lawevealed that the accumulation of damage in a shear link under
the revised protocol is extremely low at the initial cycles. As shov#ngiare3.10b

and cfor SP1 fromBozkurt and Topkaya [8nd Specimen 11 of the present study
which were tested under the revised protocol, the damage is almost negligible until
the 28" cycle(i.e. =0.015 rad) and grows rapidly afterwards.

The AISC loading protocol can be-egaluated based on the findings of the present
study. The current protocol results in a sum of cycle randds)|) equal to 1.24 rad

at a link rotation of 0.09 rad wth is he target rotation capacity for most shear links.
The findings of the present study reveal that the linear addition of cycle ranges is not
the most accurate way of representing cumulative effects since the damage induced
by large cycles to a link drastcally higher than that of small cycles. The LCF tests
conducted as a part of this study and the power of 2.0 recommended in the
generalized damage law suggest that usinguheof square of cycle rangeg 0 )?)

can be a more accurate measure &iewnining the target cumulative demand for
shear links. The time history analyses used to derive the current loading protocol of
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AICS 34116[248 can be reused to arrive at a revised target value based on the sum
of square of cycle ranges((0 )?).

3.12 Chapter Summary

A series of shear links were tested utilizing a nearlydcdile test setup in order to
study their lowcycle fatigue behavior. The results of the LCF experiments were used
to calibrate damage laws to estimate the instant of fracture initiation of ¢he sh
links. The reliability of the calibrated damage laws was assessed by using
experimental results of links subjected to proportional and-pnoportional
loadings. A generalized damage law was then developed in light of the experimental
results reportetierein and in the literature to cover a wider range of shear links.

A simple 8step algorithm was outlined which utilizes the generalized damage law
for estimating the accumulation of damage as well as the instant of link fracture in
nonlinear time historyanalysis under earthquakeluced loading histories. The
algorithm can also contribute significantly to the decigimaking process of the
postearthquake replacement of EBF links

The generalized damage law vapplied to the practical case of the fraet EBF
links of the Christchurch hospital garage. The metrics provided in the ASAE 41
[249 standard and the loading protocol of AISC 341248 werealsoevaluated
based on the results of teidy.

All the conclusions drawn based on studies of this chapter are summarized in detail
in Chapter7.
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CHAPTER 4

NUMERICAL ANALYSIS OF DETACHABLE REPLACEABLE LINKS

This is a short chapter where two issues related with the detachable replaceable link
detail, which is being developed at METU, are numerically investigated. The first
aim is to estimate the designia force in this detail and the second aim is to
invedigate the applicability of this novel detail in larger (deepeplaceable EBF

shear links.

4.1 Introduction

The ismic resilience of a system is directly influenced by the time and effort
required forrecovery after a major earthquak&sg. Steel eccentrically braced
frames (EBFs) offer the advantage of quick repair and retrofit when compared to
other lateral load resting systems since replacing the links should be sufficient for
an EBF to restore itxpected level of functional performance.

Repair and retrofit of EBF systems gained importance after the 2010 and 2011 New
Zealand earthquakes where fractured links weptéaced with new ong®$, 223

224). The links which were damaged during the New Zealand earthquakes were not
originally designed as replaable links. The existing links were removed by cutting
out the braces and the collector beams and fabricating the new link segithent
braces based on a template obtained after removal of the link. Both the welded and
bolted connection details were emy#d to attach the new links to the existing frame
system.

Link replacement procedure is not a straightforward task where theftipk and
residual frame deformations play an important role in this process. Research works
undertaken in the past decadmcentrated on developing replaceable link details.
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The primary focus was to develop links that behave similar to ordinary lidk&iain

can facilitate replacement. The replaceable link details developed in recent years
were summarized iBection2.6.3 (seeFigure2.11). Among these details, only the

web connected linkg={gure 2.11c) are well suited for replacement under rasaid

drift conditions andlansour et al. [49iemonstrated that installation of the link and
repair of concrete slab are possible for a case with 0.5% residual drift. Among the
other details proposed to datiee flush eneplated replaceable linkgigure2.11a)

were installed under a maximum residual drift of 0.12%#4, 215 which is below

the construction terance of 0.2% given in AISC 30269 and EN 109 [27(.
Replacement of other proposed details has not beenndénated for residual drifts

in excess of 0.15%Residual drifts result in a misalignment of the collector beams
and the ends of the tvaollector beams will not be in the same vertical position when
measured from the base of the story. This mismatch taereasily tolerated by the

end connection details of most of the replaceable links except the web connected
links. It is generally condered that replacement can be possible as long as the
amount of residual drift is kept below the codified 0.2% limtis stringent limit

may require the use of dual systems witiceatering capability. For the cases where
there is a significant mismdtcan option is to fabricate the new links based on a
template obtained from the site after removal of the damagedTimk option,
however, has negative impacts on the resilience of the system in terms of the time it
takes for site measurements and itadiron of the links. Furthermore, considering

the sensitivity of the residual frame deformations at each link locatiotie
sequence of installation of the new links, the process might become even more

cumbersome and tiragnsuming.

Consequently, a reaech program was undertaken at METU focused on developing
replaceable links that can be installed under residual foEfeemations. Pursuant

to this goala detachable replaceable lirdoncept waslevelopedand the proposed
detail was studied through eximental testingThe detail is based on splicing the
link at its midlength. As shown irFigure4.1, the link is subjected to a constant
shear force rad a variable bending moment along its length for the configurations
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where braces are attached to both ends of the link. Standapda¢edi details can

be employed at the misblice connection. According to the bending moment
variation shown irFigure4.1, the bending moment at the rrgglice connection is
theoretically zero. The low level of bending moment transfer enables to provide an
endplated connection which can be designed for sheaaziatl forces developed

in the link. The engblated connection enables a joint where the two parts of the link
are connected to each other with an offset that can be present due to residual frame
drifts. The detachable link detail can be utilized in cormbon with previously
developed replaceable link details such as the gusted replaceable linkFaigtad (

4.23) or the bolted extended epthted rephceable link detailigure4.2b)

Figure4.1. Typical moment and shear variations withinraernal EBF link

@ (b)

Figure4.2. Proposed detachable replaceable link detaitefapnceable link with
gusseted brace attachments;blyed extended enrplated link
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Different endplated conection details can be employed for th&d-splice
connection of th@roposed detachable limetail Flush end plates or extended end
plates can be utilized. Alternatives developed for flush end plates are sHegura

4.3 where the splice connéath can be bolted or welded. In this figure, the end plates
used for the two different pieces are depicted. Slotted holes can be used as shown in
Figure4.3a when the shear transfertiseen the two pieces is accomplished by a
frictional connection. Similarly, one of the side plates can be slotted and the other
one can employ standard bolt holes as showkigare4.3b. The slotted holes can

be szed in these cases such that erection under various residual frame drift levels is
possible. In cases where transfer of shear forces with friction cannohs&idered
reliable due to the uncertainties in the application of slip critical connections, the
other alternative which is the bearing type connection can be used. As shown in
Figure4.3c one of the end plates should be provided with bolt holes and the other
plates should be fabricated without any holes. The holes of the second plate can be
drilled on site after the two pieces are installed. That waphales are post drilled

to math the geometric configuration of the holes which are present on the adjoining
plate. The final alternative is to use a welded detail as showigure4.3d. All

around fillet welds can be employed to connechitfighboring end plates. In all the
details given irFigure4.3, the height and width of the end plates can be changed to

accommodate various levels of residual drift and number of bolts.

Figure4.3. Possible onnection details for the migplice of the detachable link
detail
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One important advantage of detachable links is the decreased weight and length
requirements for the pieces that should be erected at théMgiike typical link
lengths and welgs for links are not problematic for new construction, the
requirements become much more stringent for existing buildings. It is quite difficult
to install links to existing structures because transportation and nearieside the
building is an onerousask. Therefore, reducing the length and the weight is a
significant advantage for replaceable links. From this perspective, employing
detachable links reduces the weight and length of pieces by almost a half when
compaed to the continuous replaceable&kén

4.2  Previous Experiments on Detachable Links

As noted earlier, an experimental program was carried out at METU to develop and
investigate the behavior of the proposed detachable replaceable link detail. The
experimentswere initiated during the PhD sted of Bozkurt [251] and are
summarized irff271]. While the full details of the experiments aret repeated in

the present thesispme of the main results are provided herein in order to be used

for the verification of the finite eleme(fE) modeling approach.

A total of six specimens were tested during the experimental program at METU
using thesame setup depictedkiigure3.1. The main difference was that, depending
on the level of residual frame drift, the column tops were displaced laterally which
caused an offsete¢centricity between the member axes of thelexibr beams.
While the free end of one of the collect@alnsmovedupwards, the free end of the
other collector beam modedownwards by the same amount due to symmetry,
creating an eccentric connection in the spdice of the detachable link detail as
illustrated inFigure4.1.

Four specimens (namelyp&cimers 2, 3, 5, and 6 following the same naming
convention utilized in the METU experimental progjanere considered for the
verification process in this chapter and there details are summarigegune 4.4
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andTable4.1. It should be mentioned that the splices in the btadmk and beam
to-link joints were included mandatorily considering the configuration of the test
setup. They werdesigned conservativeBnd did not have a detrimental effect on
the focus of the study; i.e. the nsglice connection of the detachable link detail
All specimens used HEA160 section as the link segment except one specimen which
utilized HEA220.The link sections were ordered to match the European steel grade
S275 with a nominal yield strengthy{ of 275 MPa and an ultimate streng#h)(of
430 MPa. he measured material properties @hbped links are summarized in
Table 4.2 based on averaging the values from two coupon téstsdiscussed
thoroughly in Chapter2, short or shear links!(” 1.6) are generally preferred in
practice due to their high energy dissipatioapacity when compared with
intermediate and long links. In addition, short links should be preferred for
replaceable links to reduce the length and weight of the part thatresequ
replacement. Thereforeshear links werghe focus of the METU experimenta
program.All specimens, except Specimen 3, were subjected to the loading protocol
of AISC 341[248 (Figure3.5d). Specimen 3 wa®n the other handubjected to a
link rotation history where the amplitudes of rotations given in AISC 341 loading
protocol were amplifié by 4/3.

1386mm [Sp.2]

1184nm [Sp.3, Sp.5]
1800mm [Sp.6]

2xPL10-Single Sided (Sp.3, Sp.5, Sp.6)
6 M20-@22-Pretensioned (Sp.2, Sp.3,/SpsB)-10-Single Sided (§p.2)

8 M24-@26 Slotted Hole (Sp.2, Sp{5)
4 M24-@26 Site Drilled Hole (Sp.3
12 M24-@26 Slotted Hole (Sp.6)

~ -
i Pretensioned
Sty

PLISi

600mm [Sp.3, Sp.5, Sp%
80amm [Sp.2]
10 [HEA16Q]

20mm [HEA16015 [HEA220] 9

25mm [HEA220]

4 M16-@18-Pretensioned (Sp.2, Sp.3, Sp.5)
4 M20-@22-Pretensioned (Sp.6)

HEAL60 (Sp.2, Sp.3, Sp.5N
HEA220 (Sp.6)

Figure4.4. Details ofSpecimens 2, 3, 6 (residual drift of 0.5%ested during the
METU experimental program and considered herein for verification of FE
modelling approach
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Table4.1 Details of the specimens tested during the MEEkPerimental program
and considered herein for verification of FE modelling

# Link Brace Link U U Mid spll_ce Res. M'q
. ) Length Connection . Splice
Section  Section Nm. Me. Drift
(mm) Type Bolts

HEA160 HEA160 800 1.59 1.68 Slotted 0.% 8M24
HEA160 HEA160 600 1.19 1.26 SiteDrilled 0.5% 4 M24
HEA160 HEA160 600 1.19 1.26 Slotted 0.5% 8M24
HEA220 HEA220 600 0.84 0.86 Slotted 0.5% 12 M24

(o226 2 OV I V]

Nm.: Nominal, Me.: Measude

Table4.2 Material Properties of-shaped linksested during the METU
experimental program and considered herein for verification of FE modelling

Web Flanges
Section FyL Fyu Fy,OAz Fu %EL FyL I:yu I:y,OAZ I:u %EL
(MPa) (MPa) (MPa) (MPa) (MPa) (MPa) (MPa) (MPa)

HEA160 283 298 289 426 32 278 294 285 421 35
HEA220 343 353 349 487 30 - - 357 497 26

FyL = lower yield stress;yu = upper yield stres$;y0.2= yield stress at 0.2% permanent elongatrars ultimate
strength%0EL = percentige ofelongation.

McCormick et al. [272]conducted a detailed study dine permissible residual
deformation levels. This study revealed that 0.5% is an important engineering index
in terms of permissible residual drift levels. There are two important consequences
of having residual drifts in excess of 0.5%. Larger residutis dause dizziness and
nausea in occupants. Another important issue is the cost associated with repair. It
was demonstrated that in Japan, it was less expensive to rebuild the structure when
compared to repair if the residual drifts exceed 0.5%. Basethese studies a
residualframe drift of 0.5% was considered in the METU experimental program. As
explained earlier, the residual drift was applied to the testing frame and resulted in
an offset of 22.7 mm in the mgplice connection of the detachablel{Figure4.4).
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Based ormTable4.1, different types ofmid-splice connection were used in the studied
specimens details of which are depicted Figure 4.5. Specimens 2, 5, and 6
employed slotted holes witslip critical connections with M24 Grade 8.8 bolts.
Specimen 3, on the other hanitilized bearing type connections with site drilled
holes as shown iRigure4.5. All the mid-splice connections for the detachable links
were designed foR timesthe link shear strengtiwhere the coefficient of 2.0
represents the anticipated overstrength factor. The design shear force was also
combined wih an axial force of OF%, which was half of the axial yield strength of

the link. The 0.By force level was selected based on engineerirdgjuent ands
scrutinizedas a part of the present thesigshe next sections.

8 M24-126 (Sp.2, Sp.5)

12 M24-@26 Sp.6 4 M24-326
O[HEALBO) .  pii5  somal@26Sp6) | o Sie Drilled Hole (Sp.3)
11 [HEA220] _ Pretensioned Pretensioned
88 S 5
dr | - ~
6 [HEA16 o I Y8
7 [HEAZ207 = [~ il ¥
40,60, 80 | 6044 AQ 250 Ad
280 330

Figure4.5. Mid-splice connection detail for Specimehs3, 5, and 6 tested during
the METU experimental program and comsetl herein for verification of FE
modelling approach

The link rotation versus link shear respasthe specimes reported in the METU
experimental progranarepresentedh Figure4.6. The results are used in the present
thesis for the verification of the FE modelling approach in the next sediiotss
figure, the shear strengths calculated based on measured properdilss shown

with dashed horizontal linek essence ivas reported that the proposed rapdice
connection for the detachable detail performed satisfactorily. No failures were
reported in the midplice connection and it watemonstrated that the praged
detail can be a reliable option for replacing EBFasHinks under residual drifts.
Further details regarding the experimental program can be foyiadln

122



Specimen 2 Specimen 3

Test
FE Full
= = = FE |so+Mid

Link Shear (kN)
o
Link Shear (kN)

-400 T T T T T T T
-0.16 -0.12 -0.08 -0.04 O 0.04 008 0.12 0.16

-0.2 -0.16-0.12-0.08-0.04 0 0.04 0.08 0.12 0.16 0.2

Link Rotation (rad) Link Rotation (rad)
Specimen5 Specimen 6
400 700
200
= = 300
b4 b4
< 100 3
3 5 100
g o 2
-100
2 100 @
c (=
3 200 -5 -300
-300 - -500
-400 T T T T T T T -700 T T T T T
-0.16 -0.12 -0.08 -0.04 0 0.04 008 0.12 0.16 0.12 -0.08 -0.04 0 0.04  0.08 0.12
Link Rotation (rad) Link Rotation (rad)

Figure4.6. Hysteretic response of Specisén 3, 5, and 6 tested during the
METU experimental program and considered herein for verification of FE
modelling approach

4.3  Numerical Study

A detailed numericahvestigation was conducted as a part of the present thesis on
the midsplice connection pragsed at METU for the concept of detachable
replaceable links. The aim of the analyses was twofold. The first objective was to
guantify the level of axial force wth should be used for the design of the-splice
connection. As discussed in the previoasti®n, a value of OF§ was utilizedfor

this purposaluring the design of specimens at METU based solely on engineering
judgment.This issue is further scrutired in this section.

The second objective was to investigate the effect of thesptice conection on
links larger (deeper) than those tested in the METU experimental program. This was

deemed necessary due to an issue reported during the experimental pidgram.
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proposed nmd-spliced HEA160 links tested at METU (Specimens 2, 3, 5) performed
very similar to and exhibited comparable rotation capacities to the conventional
HEA160 links tested previously ozkurt and Topkaya [8]On the contrary, the

only midsplicedHEA220 link tested at METU (Specimen 6) exhibited a much lower
inelastc rotation capacity (0.08 rad) compared to its conventional counterpart tested
previously byBozkurt and Topkaya [&vhich shavedan inelastic rotation capacity

of 0.141 rad). Thigaised the question of whether the presence of the propoded
splice connection was the main reason for the observed inferior performance of the
tested HEA220 linksAdvanced numerical modelling techniques are used in this

section to invesgate this issue.

4.3.1 General Modeling Details

All the analyses were conductading the finite element package ABAQUS 6112

[273 considering bth geometrical and nterial nonlinearitiesFull modelsof the

test setup as well asolatedmodelsof the links were considered in the simulations,
details of which are discuss&ter. A von Mises plasticity constitutive model was
utilized in the models considering different uniaxial stssain curves for links and
other members. The numbdraegreesf-freedom (DOFs) was extremely large in

the full models ofSection4.3.2 (+3,000,000 DOFs) and the refined isolated link
models ofSection4.3.3 (+10,000,000 DOFs). On the other hand, for the case of
smaller isolated link models &ection4.3.2 the number of analyses was large as
they were used in a parametric study. Consequently, it was decided to conduct
monotonic simulations, instead of cyclic analyses, in the FE models, considering the
enormous computational cost of the latter order toobtain reasonable results
through monotonic simulations, a stabilized cyclic ststssn curve was utilized

for links (instead of that obtainetirectly from tensile coupons) since only the links
were subjected to cyclic hardening during thsts. Thetabilized cyclic curve was
obtained using the relations Kaufmann et al. [274yvhich were calibrated up to

4% strain. Aboe this straifevel, the curve was smoothly extrapolated to reach the
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ultimate stress level recorded during the tensile coupon tests of the present study. A
similar approach was used previously bglla Corte et al. [10]For all other
members, a generic multikar stresstrain curve (considering S275 steel) was used,
although they remained mostly elastic during the analyses. As a representative case,
the stabilized cyclic curve utilized in the simulation of Specimen 6 is depicted in
Figure4.7.

700

600 -

500 A

400 A

300 A

True Stress (MPa)

200
-e-Stabilized Cyclic
100 1
—Coupon Test

0 5 10 15 20 25 30
True Strain (%)

Figure4.7. Stressstrain curve utilized in the FE analysis of Specimen 6

The contact phenomenon plays a vital role in the studied models, and therefore, 3D
continuum elementsere utilized in tle simulations to accurately capture the contact
behavior. Eighthode linear brick elements with reduced integration (C3D8R) were
used n all FE model®f this chapterA surfaceto-surfaceinteraction was used to
define contact between different parts. this end, the penalty method with a
predefined coefficient of frictionf 0.5was considered for the tangential behavior
and the hardantact approach for the normal.

There exist several methods for modeling bolts in numerical studies. These methods
include using simple nod®-node connector elements or even using tie constraints
instead of bolts, at one end of the spectrum, to detaidecontinuum models at the

other end. The accuracy and computational cost of these methods are quite different
and seval studies have been conducted for comparing them (Kof&lijg and

Tanlak et al[27€6). The choice of the method used for modeling bolts in an EBF
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system with replaceable links is crucial and may alter the results significantly.
Rudimentary bolt modelsmay generate inaccurate results, whereas using
unnecessarily detailed bolt models midead to unmanageable computational
demandsin this chapter 3D continuum elementsere usedor bolt modeling.In

order to accurately capture the connection behavior.

Another important issue in the modeling of bolts is #pplication of the bolt
pretensoning load.The bolt load feature of ABAQUS is recommended irthe
softwaredocumentatiorf273 for bolt pretensioningparticularlyin cass that the

bolt is modéed with 3D continuum elements. Using this feature, pretensioning is
simulated more realistically in ABAQUS by defining a cutting surface in the bolt

shank, as showm iFigure4.8, and subjecting it to a tensile load.

Figure4.8. Bolt pretensioning in ABAQUS using the bolt lo@thnique

4.3.2 Prediction of Design AxialForce

As diswssedn Section2.2.3 significant tensile forces can develop in a link, as a
result of the axial restraining effect of the connectimembers, when it undergoes
large rotations. One of the main objectivestlté numerical simulations was to
understand the level of these tensile forces which would also developnoplosed
mid-splice connectiofor the detachable replaceable link cept During theMETU
experimental program, the mgplice connections werdesigned considering an

axial load 0.Py based on engineering judgment. Although the performance of the
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mid-splice connections was satisfactory during the tests, it was deemedargde
provide a more accurate and reliable axial force level to be mdkd design of the
mid-splice connectiorilo provide such a design recommendation, the analyses were
conducted in several steps. The simulations first started from the mostisafgds
form and were simplified in two steps until a reliable model wagaetl which was

suitable for a parametric study.

Specimen 2

Specimen 3

Specimen

Specimen 6

@ (b)

Figure4.9. Full models ofSpecimens 2, 3, 5, and 6 testing in the METU
experimental program: (a) mesh; (b) PEEQ contours at the end of the analysis
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In the first step, the full models of Specimens 2, 3, 5, and 6 (detaifxtion4.2)

were developed in order to verify the accuracy and apyiiyatf the FE modeling
approach. A rather detailed model of each test was developed considering all the
components including the link, beanlumns, braces, misplice connection,
stiffeners, gusset plates, and bolts. Since linear C3D8R elements seerefaur
elements were used through the thickness of each plate in order to properly capture
the stress gradient. A rather refined mesh wad usé¢he critical regions of each
model with dimensions of the order of 5 mm. The developed full models of
Specimens 2, 3, 5, and 6 are depictedrigure4.9a. Each model was subjected to

the maximum displacement level recorded during the test and analyzed with the help

of a computer cluster.

Results of the full model analyses (FE Full) are comwbavith the experimental
results inFigure4.6. A good agreement is observed between the test and FE results
in terms of the stiffness and link sheatation trend. The results suggest that, by
using the stabilized cyclic stresgain curve for link modeling, results de
monotonic simulations resembled those of the cyclic tests with a reasonable
accuracy. The deformed shapes as well as the equiyakestic strain contours
(designated as PEEQ in ABAQUS) at the end of each analysis are also depicted in
Figure4.9b. PEEQ is defined a®llows:

t
PEEQ 3% M Mt (4.1)

Where @Gis the plastic strain rate tensdihe plastic strain concentration was found

in the simulations to be more significant in thenfies of HEA160 links whereas
more notable in the web of the HEA220 model. This is in line with the failure modes
reported duringhe METU experimental prograrf271].

The first step towards simplitation of the FE model was to repeat the analyses this
time considering only the link segment and the-sptice connection. Fully fixed
boundary conditions wereonsidered at the link ends with the exception of the
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vertical displacement of one end whichsaesed to apply link rotation. Considering

the notable axial force levels recorded during METU experimental program
[271], the links were axially restrained. Results of the analyses of isolaksdalith
mid-splice connection (FE Iso+Mid) are also plotted=igure 4.6 along with the
experimental and FE full model results. As expected, there is an increase in the
stiffness and shear strength of the link in the “FE Iso+Mid” results. The reason is
that the flexibility associated with the connecting members of thedt€BFs is
eliminated in the models with isolated link and ralice connection. In contrast to

the full models, any imposed displacement now translates directly into shear strain
in the link web, increasing its strain hardening and the observed shgar le

In order to reach to FE models which would be suitable for a comprehensive
parametric study, a second step of simplification was done. To this end, the mid
splice connection was also removed from the model, leaving only an isolated link
model. The tw link pieces were mergdadgetherand a web stiffener was added at
the middle of the link. Results of the isolated link models (FE Iso) are compared to
the previous results iRigure4.6. As it can be seen, theolated models provide
mostly similar predictions to the isolated models with-sptice connection. The
most notable difference is observed for Specimen 3 which utilized bearing type mid
splice conection with low number of bolts antherefore, the flexiility of the
connection played a more pronounced role in its behavior which was not captured
by the isolated models. Nevertheless, results summariZzeédune4.6 suggest that

the isolated link models can provide reasonably accurate and conservative results
with a fraction of the computational cost of full models. The close similarity of the
results of the isolated link models with those of thestastwell & full FE models

also suggests that the addition of the 1sptice connection did not have a notable
detrimental effect on the behavior of the studied shear links.

The maximum level of aal tension, in terms d?/Py, exhibited by Specimens 2, 3,
5, and 6in the full models (i.e. “FE Full” models) was 0.20, 0.17, 0.19, and 0.18
respectively. These are comparable with thesported during the METU

experimental prograrf27]]. It should be emphasized thhe experimental axial
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forceswere backcalculated using strain gauge readings combined with an assumed
equilibrium condition andthus, high precision should not be expected for these
forces.The recorded axial forces were also affected by detaile ¢é#h setup. When
isolated models with midplice connection are considered, BiBy values for the
specimens increases to 0.30, 0.22, 0.27, and 0.19 respectively. This is expeged, sin
the axial stiffness of the isolated links with rsiplice connectin (i.e. “FE Iso+Mid”
models) is higher than that of the links in the full models. For isolated link models
(i.e. “FE Iso” models), however, the tensié’y values for the studied specams
reached to values of the order of 0.4 to 0.5 due to the higlarstéi®ness of these
models compared to the previous cases. Although the isolated link models produced
high levels of axial force compared to the full models, they were selected for the
parametric study on the basis of the following issues. Firsthcdimputational cost

of the full models as well as isolated models with-sptice connections was rather
high, making them unsuitable fdhe parametric study. On the other hand,
supplemetary analyses (not reported here for brevity) revealed that, chatiging
number of bolt rows and their locations in the 1mpdice connection, using welded
mid-splice detail Figure 4.3d), and/or reducing the amount of offset in the mid
splice connection can drastically increaselt#vel of axial tension exhibited by the
link in the full models as well as isolated modelshwrid-splice connection.
Consequently, since the amount of offset in the-gpitte connection is not know

a priori (which can be very small due to small peatthquake residual drift levels)
and considering the fact that the design should considerdseaonservative case,

it was decided to use isolated link models in the following parametric study. Itis also
worth noting that, the axiahear interactionfoa typical bolt obeys a parabolic
strength curve, and therefore, a conservative increase design axial force level
does not lead to a linear increase in the required number of bolts.

Based on the above discussions, a parametric study using idoiktetbdels was
conducted to recommend a practical relation for estimating the design axiaf load
the midsplice connection. Seven hatled sections, namely IPE240, IPE500,
HEA220, HEB500, HEM300, HEM500, and W27x84 were included in the study
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consideriQJ ILYH OLQN OHQJWK UDWLRYV ! C
selected such thahey would represent a wide range of practical shear links. Each
link was stiffened as per AISC 34248 for a plastic link rotation angle of 0.08 rad.

The stabilized cyclic stresdrain curveof Figure4.7 was utilized in the parametric
study. Consequently, a total of 35 links were modeled and subjected to a plastic
rotation angle of 0.16 rad which corresponds to the Collapse Prevention pederma
level of ASCE 4113 [249. Results of the analyses are summarize@ignire4.10

where Pmax is the maximum link axial force recorded during the analysis.
Investigation 6the results revealed that the scatter in the data could be reduced and
the general trend in the data could be represented more clearly if the link axial forces
are normalized with respect to the total yield strength of both flafges RortiFy

as shown irFigure4.10) suggesting that the major share of axial force in a yielded
shear link would be carried by the flasg&@he following simpléormula was then

calibrated based on the FE results as the design axial force of theplioe

connection:
I::Jesign : aEPfy (4-2)
where 9, is an overstrength factor calibrage D V DQG LV D IDFWRU Z

into account the effect of link length raba the design axial load as follows:

E 1.15 0.31 4.3)

where! 7  for a shear link. Predictions &guation (4.2) are compared with the
FE results of the parametric studyFigure4.10 where a reasonable agreement can
be observed. As discussed earlier, the isolated modelsrutesl parametric study
provide conservative design axial forces comparetig¢caxial force which would
develop in comparable links with a sglice connection. Thus, it can be concluded
that the midsplice connectioproposed at METU for the detachal#placeable link
conceptcan be safely designed for a shear forceR¥V, (whereV, is thenominal
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shear capacity of the link afg} is the ratio of expected to nominal yield stress of
the material)and an axial force dPgesigndetermined vi&quation(4.2).
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Figure4.10. Results of the parametric study on the design axial fordadanid
splice connection

4.3.3 Investigation of Larger (Deeper) Mid-Spliced Links

As explained earlierhe second aim of the numerical investigation was to observe
the effect of the migplice connection on the behavior of links larger than those
tested in theMETU experimental programi271]. An accurate prediction of the
instant of fracture in a shear link can be obtained after calib@tmgro-mechanics
based models with their required material paramg®sig. In this section, it aimed

to investigate the fracture propensity of msjaliced linkswhen compareith the
conventional links rather than determining the instant of fracture. Pursuant to this
goal, a simple, yatliable, metbd was utilized which was developed®lgao et al.

[86] and EI-Tawil et al. [278] Based on this approachnaodified rupture index
(MRI) can be defined as follows:

PEEQ

MRI -
exp( 1.5umax] |

(4.9
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where PEEQ is the equivalent plassitain reported by BAQUS and max{]
represents the maximustress triaxiality & achieved during the loading history,

with @GHILQHG DV WKH UDWLR EHWZHHQ WKHKIGURVWDYV
Two issues regarding the approach should be emphasizedc&licstation of MRI

is a posiprocessing task and does not change the coursa ahalyss nor the
obtained stress/strain pattern. Second, MRI is not calibrated to be used as a criterion
for fracture initiation; it is only an indicator of the propensity foacture at a
particular location and is used in this respect to distinguish between alternative
structural detail$86]. The methodvasapplied toEBF shear links byChao et al.

[86] in order to study web fracture initiation. Although links are typically subjected

to cyclic loading,Chao et al. [86fonductedfinite element analyses considering
monotonic loading and it @ assumed that conclusions drawn are qualitatively
applicable tocyclic conditions. Due to the presence of very large finite element
models a similar approach is adopted herein.

In order to investigate a largédeeper)mid-spliced link, an HEB500 link ith a
OHQJWK RI PP I ZDV PRGBEBSHG FRQVLGHULQJ \

x Case 1: Isolated link with no m&plice connection
x Case 2: Isolated link with misplice connection and an offset of 60 mm

x Case 3: Similar to Case 2 however with a different bolt patte

The offset of 60 mm was selected by considering an &i#t+12 meter bay width
subjected to 0.5% residual drift. For Case 2 and Case 3, thepidd was designed
following the recommendations &ection4.3.2 Each link was stiffened as per
AISC 341[248 for a plastic link rotation angle of 0.08 rad. Full details of thesescas
are depicted ifrigure4.11. The idea of analyzing these three cases was to see if the
addition of the miesplice connection and altering its bolt pattern would have any
notable effect on the behavior of a deep shear link. In addi8pecimen 5
(HEA160) and Specimen 6 (HEAQR tested as a part of the METU experimental
program(outlined inSection4.2), were reanalyzed considering the MRI approach

for comparison purposes.
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Figure4.11. Details of the studied deep rsgliced links: (a) Casg; (b) Case 3

Each case was modeled following the main details explain8edthon4.3.1 The
material was considered as S355 and a generic-stragscurve for this grade was
transformed into a stabilized cyclic curve using the calibrated formuléaudinann

et al. [274]as explaned inSectior4.3.1 Themost reliable evaluations with the MRI
approach can be obtained if the element size in an FE model is set equal to the
characteristic lengthof the material which is of the order of @d 0.3 mm for
different steeld279. Considering the limitations of the available computational
facilities, it was not possible to refine the mesh down to these limits. After several
trials, itwas finally decided to use a mesh size of 2 mm for all three cases studied in

this section whichesulted in models with more than 10,000,000 DOFs. Reasonable
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results were obtained in other studies using a similar appf®@8280, 281]. As a
representative, the refined mesh of HEB&se2 is shown iRigure4.12.

Figure4.12. The refined mesh used for the calculation of MRI in HEB6@8e2

Each case was monotonically subjected to a plastic rotation angle oa0..Bich

is the Collapse Prevention performance level of ASGE3[249. The models were
analyzed with the help of a computer cluster and the analysis time was approximately
four days per cases withigksplice connection. The MRI contours at the end of the
analyses are sumarized inFigure4.13 where the results for the conventional links
and midspliced links are reported. Based on the figure, MRI varied mostly between
zero and 0.20 in the web of the studied links. Higher MRI gadxeeeding 0.3 were
observed for some cases in small regiongha vicinity of the linkto-endplate
connection, however, it is considered that these would have been significantly
reduced if the alaround fillet welds were modeled. Furthermore, recgpeements

on links connected to ermlates or columns with prep allaround fillet welds
demonstrated satisfactory behavior with no sign of premature fracture at the
connection regiorf37, 41, 287. Considering the observed early web fracture in
Specimen §HEA220) tested as a part of the METU experimentagram (outlined

in Section4.2) compared to its conventional counterptsted previously by
Bozkurt and Topkaya [8}he investigation was focused on the change in the MRI
values in the web of the analyzedes.

135



Figure4.13. MRI contours at the end of the analysis for (a) conventional HEA160,
(b) mid-spliced HEA160, (c) conventional HEA220, (d) rsipliced HEA220, (e)
conventional HEB50ase 1, (fmid-spliced HEB500Case 2, and (g) mid
spliced HEB508Case 3

As shown inFigure4.13, the maximum MRI value was determined as 0.156, 0.180,
and 0.168n the web of the conventional HEA160, HEA220, and HEB500 links,
respectively. These values increased0.194, 0.222, 0.212, and 0.188 for mid
spliced HEA160, HEA2200, HEB560Dase2, and HEB50Case3 links,
respectively. The results show that introducegmidsplice results in similar
increases in the level of the maximum MRI for all cases. The exceptisn
HEB500Case3 where additional bolts were provided close to link flanges to reduce
the amount of local bending. Therefore, the results summarizéagure 4.13
suggest that the addition of a rgglice connection to a shear link with a deep section
(such as HEB500) does not lead to a notable ineneate propensity of its web for
fracture, compared to the case where aspiite is added to a shalloncsien (such

as HEA160).

The MRI contours given iRigure4.13show that the part of the web that experiences
an increase in the MRI value is not identical for all specimens. In order to investigate
this issue furthr, the MRI values are plotted alongattpwhich has a length equal
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to the panel width and is parallel to the link flange. The path was considered to pass
through the maximum MRI point in each model. The variatigmef/MRI;%] as a
function ofthe normalized panel width is reportedrigure4.14 for the web ofall

the studied migpliced models, whemdRI5y is the maximum MRI value recorded
for the web of theorresponding conventional link model. In the figure, any part of
each curve that falls above the (red) horizontal linecatds a region in the mid
spliced link where the recorded MRI value is higher than the maximum MRI
recorded for the correspondingwentional link model. The results indicate that the
region that experiences an increase in MRI due to the addition of-gpiiud is
larger for the HE220 link when compared with the other links. This observation
strengthens the experimental results fog HEA220 specimen where lower link
rotation capacities than expected were obtained when -@pfieg was introduced
during the METU experimental progrant is also worth noting thahe rotation
capacity is also influenced by higher yield strength pssse$y this specimen.
Bozkurt et & [282] demonstrated that the legycle fatigue life of a shear link is
inversely proportional to its yield strength. While Speen 6 (HEA220) of the
METU experimental prograrhad a yield strength of 343 MPa, the counterpart
conventional link testegreviously byBozkurt and Topkaya [8]ad a yield strength

of 299 MPa.

1.4

Li /// /s\
MRl 0.8 / u\

MRI conv

0.6 1 —— Mid-Spliced HEA160
0.4 { = Mid-Spliced HEA220
02 1 Mid-Spliced HEB500-Case 2
Mid-Spliced HEB500-Case 3
0 . . .
0 0.25 0.5 0.75 1

Normalized Panel Wid

Figure4.14. Variation of MRI along the critical path for the studied models
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In essence, results of the numerical analgsithis section suggeshat the mid

spliced detaildeveloped at METU for detachabieplaceable link conpecan be
adopted for largefdeeper)inks as well Considering the increase in the maximum
MRI of the web, the addition of a mgplice seems to have comparable effects on
shallow links and deep links. The region with an incredgBd, however, can be

local or more widespread based on the geometry of the link and the arrangement of
bolts in the miesplice. Consequently, future research should concentrate on a
parametric study to investigate the fracture propensity ofsplided Inks with
different geomeical properties. Other micrmechanicsdbased models can also be
adopted to further investigate the conclusions derived herein based on the MRI

approach.

4.4  Chapter Summary

The detachable replaceable link concept which is underajaweht at METU was
numercally investigated in this chaptdrhe concept allows for pestrthquake link
replacement under residual frame drifts of the order of 0.5% and even Wifiber.
reviewing the previous experiments conducted opthposed detail, finite element
analyss were carried out to develop design recommendations for thplaed
mid-splice detail and to provide further validatidrhe axial force developed in the
mid-splice connectiofdue tolargelink deformatiors and ed restraint effectsjas
determinedbased on a comprehensiygarametric studyand asimple design
expression Equation (4.2)) was developed. In ordeo tfurther investigate the
application of theproposed detail fotarger @eepey shear links, another set of
sophisticatedhumerical simulations was conducted. Comparison of modified rapture
index (MRI) values revealed thahe addition of amid-splice connection has
comparable effects on shallow links and deep links in terms of the fracture

propensity further suggestings potential for practical applications.

All the conclusions drawn based on studies of this chaptesuarmarized in detail
in Chapter7.
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CHAPTER 5

SEISMIC BEHAVIOR OF CONCENTRICALLY BRACED FRAMES DESIGNED
TO AISC341 AND EC8 PROVISIONS

As outlinedearlier, both EBFrelated and CBffelated topics are investigated in this
thesis This chapter as well as the next chapter focus oni€Bled topis. Inthis
chapter, theeismic behavior of concentrically braced frames designed following the
provisions of Amecan and European specifications is compared using extensive
numerical simulationsvith over 80 nonlinear time history analysds should be
mentioned that CBFs are used extensively to resist earthquake and wind loads,
however, thdocus here is on higheismic applications where the brace members
dissipate energy through repeated cycles of buckling and yie@mgequently, the

conclusiongnight be different if wind load applications are considered.

51 Introduction

Currently, moment resisting frames, centrically braced frames, eccentrically
braced frames, special truss moment frames, steel plate shear walls, and buckling
restrained braceadmes are being commonly used as lateral force resisting systems
for steel structures. While new systems suchuakling restrained braced frames

are gaining popularity, moment resisting frames (MRFs) and concentrically braced
frames (CBFs) are considered two of the most popular systems among these
alternatives. Although MRFs provide more architectural freedompaced to the
CBFs, they are expensive. CBFs have been quite popular since the 1960s mainly
because of their economic advantages over MRRgpiarly in cases where the

drift requirements govern the design. Furthermore, bsagnlumn connections of
MRFs suffered premature fractures in the 1995 Kobe and the 1994 Northridge
earthquakeg§l, 2]. In the aftermath of these earthquakes, considerable research and
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development projects were conducted in the US, Japan, Europe ambeets¢o
develop new moment connections that have sufficerength, stiffness, and
ductility to perform satisfactorily during future strong seismic events. However, the
new MRF connections and the modifications made to then existing moment
connections &ve caused their cost of construction and inspection t®ase
significantly, making the use of CBFs even more economical. More recently, the
2011 Christchurch earthquake in New Zealand resulted in fracture of several
eccentrically braced frames (EBF&)rther adding to the popularity of CBFs. The
CBF system igurrently one of the most widely used seismic load resisting systems
in steel structures; it is easy to design and the most efficient especially in controlling
lateral drifts of buildings.

In recent decades, a significant amount of research has beencteddn the seismic
behavior and design of CBFs. A major portion of these studies has focused mainly
on the response of bracing members and their conned283298]. Extensive
experimenal [94, 299309 and numerica]113 261, 310-315 investigations have

also been undertaken to study the behavior of sstgly andmulti-story CBFs

under severe loading scenarios, assessing both the system level and component level

responses.

In the United States, steel CBFs are designed accomlitige tAISC Specification

for Structural Steel Building81], hereater referred to as AISC360, as well as the
special seismic design rules of the AISCs&ec Provisions for Structural Steel
Buildings [11], which is eferred to here as AISC341. In Europe, the CBFs are
designed according to the regulations of the Eurocode 3: Design of Steel Structures
—Part 11: General Rules and Rad for Buildingg252], hereafter referred to as EC3,

as well as the seismic provision$ the Eurocode 8: Design of Structures for
Earthquake Resistance Part 1. General Rules, Seismic Actions and Rules for
Buildings[142, which is referred there as ECS.

Due to rapid globalization, engineers are now daed&th the challenge of being
competent with several design provisions. Owners may require the use of widely
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accepted design codes regardless of the location of the striwtite both desig
approaches are intended to result in structures with comparatibrmances during

a major earthquaken some cases, there can be substantial dissimilarities between
the regulations of different provisions which might significantly affect the behavior

of the designed structurBeismic design provisions in AISC34hd EC8 on MRFs

and EBFs are quite similar. However, the rules on the seismic design of CBFs in
these provisions have evolved separately and have some significant philosophical as
well as proedural differences.

Consequently,hite main objectiven this clapter isto study the similarities and
differences between the practices in the United States and Europe regarding the
seismic design of CBF&Inder this goal, firsthe provisions given in IKC341 and

ECS8 for steel CBFs are compared and studied thorpu@idF archetypes are then
designed according to these provisions and subjected to a large set of ground motions

to investigate and compare their seismic performances.

5.2  Comparison of Design Preisions in AISC341 and EC8

521 Definition and Geometries

AISC341 andeC8 provisions both define CBFs as systems where horizontal forces
are mainly resisted by members subjected to axial forces. The centerlines of
adjoining columns, beams and braces should be concentric. However, the AISC341
provisions allow ecadricitiesless than the beam depth if the resulting member and
connection forces are addressed in the design. No information is provided in EC8
related to the acceptable level of eccentricities of members. Although presumably no
such eccentricities arel@aved as peEC8, Astanetfs| [316 has shown that sh
relativdy small amount of eccentricity, if introduced correctly, can improve the
ductility of the gusseplated connection without increasing the size of the gusset
plate or the beam.
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Figure5.1. Sinde diagonal and >braced systems

@ (b) (0 (d)
Figure5.2. V-braced, Inverted Moraced, and Kraced systems

In both provisions, three broad geometries are defined for CBR&lynasingle
diagonal oiX-bracing Figureb.1), V-bracing or inverted \bracing Figureb.2a-c),

and K-bracing Figure5.2d). TheK-braced system is forbidden in both provisions

for structures designed for seismic loading due to the possible column plastic hinging
at the midheight as a result of unbalanced brémees. Among the diagonatly
braced and Mraced systems, EC8 presespecial cased-(gure5.1c and Figure

5.2c) where the diagonals can be discontinuous. This type of a bracing is referred to
as the ybracing[317] which allows for larger openings. While EC8 recognizes this
system as a viable option, no specific design requirements are given in the European

provisions.

142



522 Seismic Demands

To make a fair comparison, the seismic demands (i.e. the load effects) should also
be considered. In the United States, seismic demands otustsuare calculated
based on the regulations of the Minimum Design Loads for Buildings and Other
Structured 145, hereafter referred to as ASGE®. In Europe, on the other hand,
EC8 provisions are used for seisma@ading. Both provisions define a design
response spectrum te lised for determining the design base shear force.

In ASCE710, two spectral acceleration valu8sandS;, are consideredhich are
established using acceleration maps and depend on #tefoof the structure. The

S and S parameters are based askrtargeted maximum considered earthquake
(MCEr) ground motions and are defined as maplktEr, 5% damped, spectral
response acceleration parameter at short periods and at a period of one second,
respectively. These acceleration values are modified iteeatSus and Su1 which

are theMCEr spectral response acceleration parameters adjustedtdoclass
effects. These parameters are finally multiplied by a factor of 2/3 to ar$seatd

S1, which represent design spectral response acceleratiangdara.

In EC8, the design response spectrum depends on a single acceleration parameter,
ag, which is the design ground acceleration on type A ground. This parameter
together with the soil factol§ are directly used in defining the design response
spectum. Inthis approach two types of response spectra are defined, namely, Type
1 and Type 2. Nathal Annexes can provide detailed information on which spectrum
should be used. A comparison of the response spectra given by the American and
European provisianfor a high seismic region is givenkigure5.3. For the case of
ASCET10, the values o0& and S, are considered to be equal to 1.5g and 0.6g,
respectivelyAlso, for a site class D (stiff soil), the design ¢jpal acceleration$ps

andSy, are equal to 1.0g and 0.6g, respectively. For the EC8 spectrum, the value of
ay is considered equal to 0.35g and Type 1 spectrum is developed using ground type
C. Figure5.3 showsthat the response spectra developed based on ASCERd

ECS8 for a high seismic region with stiff soil are very close to each other.
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Figure5.3. Comparison oflesign response spectra

In general, variousmethods are recommended in ASCHY and EC8 for
determining the earthquakeduced base shear and its heigige distribution. The

two most widely used methods are the equivalent lateral force procedure and the
modal response spectrum analysis. Pushavértimme history analysis procedures

are also available, however, these are less frequently used in practice when compared
to the former methods. Although the general principles are the same, there are
differences between ASCETO0 and ECS8 in the applicatiaf these methods. The

most significant difference affecting the CBF design is the use of different structural
periods. In ASCE-0 the fundamental period of vibration used for determining the
base shear durintpe strength design cannot exceed a certppemuubound. This

upper bound is however not applied in checking drifts, and instead, the period value
obtained from an eigenvalue analysis can be directly used. In ECS8, on the other hand,
no such upper limigxists,and the period obtained from an eigemeahnalysis can

be used for both strength and drift checks. More detailed information on this issue
FDQ EH IRXQG LQ *+QO3®WOQ DQG 7RSND\D

In the US approach, only the dead load is considered as the reactive seismic mass
with no live load considerations. However, in the European design, a portion of the
live load (15% to 80% depemdj on the building category type) is added to the dead
load and is used as the reactive mass of the structure.
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5.2.3 Energy Dissipation and Response Modificawn Coefficients

In the United States and Europe, steel CBFs are classified into various categories and
the seismic load reduction factor (i.e. the response modification coeffiRiut¢r)

in the US approach and the behavior factpfattor) in the EUmethod) changes
depending on this category. According to AISC341, CBFs are classified into three
categoies depending on their expected energy dissipation capabilities. The first
category belongs to CBFs which are not specifically detailed for seisnstanee

and their expected level of energy dissipation is very low. ASTE&dssigns aR

factor of 3.0to these frames and notes that they can only be utilized for “wind and
low seismic” applications. Therefore, these frames are designed to only dadisfy t
provisions of AISC360 and need not to comply with the additional seismic
provisions of AISC341. Theesond category is the Ordinary Concentrically Braced
Frame (OCBF) for which aR factor of 3.25 is given as per ASCHED. OCBFs are
expected to withstah limited inelastic deformations in their members and
connections when subjected to forces resultingnfrmotions of the design
earthquake. The third category is the Special Concentrically Braced Frame (SCBF)
for which arRfactor of 6 is considered by A&Z-10. SCBFs are expected to sustain
significant inelastic cyclic deformations in their members and edions in the

form of yielding of steel before fracture. Unlike the first category (Ritf), the
special rules given in AISC341 shall &pplied in the seismic design of OCBFs as
well as SCBFs.

The ASCE¥10 document regulates the use of different tygdeSBFs according to

their ductility and energy dissipation capabilities. In general, a structure is assigned
to a seismic design categoryiwh depends on the seismic hazard at the site and the
importance of the structure. Two broad categories can beeddbr structures with
normal importance according to the seismic hazargsH0.5g and$1<0.1g, then

the structure can be designed gsany of the three categories of CBFs without a
height limit being applied. [£&5s>0.5g or $:>0.1g, then the struste must be
designed as a Special CBF. In this particular case, Ordinary CBFs are allowed only
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for seismic design categories D and E witegght limit of 10 meters. The spectral
accelerations that define the boundéys£0.59 ands>1=0.19) correspond tdype
A ground withag<0.2g in the EC8 provisions.

Based on EC8, CBFs are classified into three categories as well. Two broad
categories arelefined first as low dissipative structural behavior and dissipative
structural behavior. Low dissipative struciubehavior corresponds to Ductility
Class Low (DCL) where the recommendgdfactor is equal to 1.5. DCL is
recommended only for low seisntigiareas wherag on Type A ground is less than
0.08g. No specific rules are given in EC8 for the seismic desi@udility Class

Low CBFs. Dissipative structural behavior is slibided into two categories,
namely, Ductility Class Medium (DCM) and Duiy Class High (DCH). The
recommended value of thgfactor changes according to the ductility class. In
addition b this, in EC8, frames with -Xor diagonal bracings and-bfacings are
treated separately. For frames withoX diagonal bracings, the rennended value

of q is 4.0 regardless of the ductility class. However, febréced frames, the
recommended values gfare 2.0 for DCM and 2.5 for DCH cases. As discussed by
Mazzolani and Pilusf319, in aV-braced CBF, during load reversals, it is possible
that a previously buckled brace cannot become fully stretched and yield when
subjected d a subsequent tension loading. Thus, in some instances, both braces
might be in a buckled condition. This can bengidered as a justification for
assigning loweq factors for Vbraced CBFs in the European dedigh9.

From the above discussion it is apparent that systems not specifically designed for
seismic resistance in the United Stategh( R=3) correspond to DCL systems in
Europe. Similarly, OCBFs and SCBFs of AISC341 correspond to DCM and DCH
systens of EC8 respectively. Major differences exist between the response
modification coefficients (behavior factors) proposed by the Americafcaropean
provisions for the design of systems with similar expected performances. In general,
the factors used fahe reduction of earthquake forces found from an elastic analysis,
are much less in EC8 when compared with their counterparts in ASCE7
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5.2.4 Classification of Cross Sections for Local Buckling

Members of seismic force resisting systems must exhibit siebkevior under cyclic
loading without experiencing significant local buckling leading to possible fracture.
In the United States and Europe, local buckling provisions are regulated by imposing
width-to-thickness ratios on compression elements of a crat®rseln the US,
AISC360 classifies cross sections into three categories, namely, compact, non
compact, and slender. For structures which have to comply with the special seismic
rules of AISC31, two other cross section classes are also defineiglayg ductile
members andnoderately ductilenembers. In general, AISC341 requirements for
moderately ductile members are similar to those given in AISC360 for compact
sections with minor differencedHowever, the requirements for highly ductile
members are typally more stringent. It is worth noting that the term seismically
compact was in use in the previous versions of AISC341 instead of the term highly
ductile.

In Europe, concerning local buckijncross sections are grouped into four classes as
per EC3, namly, Class 1, Class 2, Class 3, and Class 4. Comparison of EC3 and
AISC341/AISC360 compactness requirements reveals that highly ductile members,
moderately ductile members, roampact sectionand slender sections in the US
provisions can be regarded asss 1, Class 2, Class 3, and Class 4 cross sections,
respectively, in the European provisions. For most cases, only minor differences
exist between the two provisions in the classificatioaro$s sections, however, for
some cross section types (e.g.ltwl structural sections) the differences can be
significant. The reader can find more detailed information about this issue in
7RSND\D D@&EJ.UDKLQ

5.2.5 Design of Bracing Members

Brace members are the primary source of energy dissipation in CBFs. Under an

earthquak loading, braces dissipate energy by buckling in compressibyielding
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in tension. Brace behavior is complex as it includes various cycles of compression
and tension loadings. The most important difference between AISC341 and ECS8 in
the CBF seismic de&m stems from the design philosophy used for brace members.
Under lateral loads, some braces are subjected to compression while others to
tension. As will be explained in the following sections, for a properly designed CBF,
there is usually a healthy batse between the loads resisted by tension braces and
compressin braces. When compression braces buckle, the load carrying capacity of
the braces reduces significantly and the forces are redistributed to braces in tension.
Thus, the lateral load resistamafea CBF has a history which is quite complex due

to the behawr of its braces.

Two distinct approaches can be adopted for the design of CBFs depending on the
instant at which the internal forces are calculated. Before brace buckling, both the
compressio and tension braces are active and a structural analysis mibidél

takes into account all braces can be considered as representative of the true behavior.
On the contrary, after buckling occurs in some braces, buckled members only
provide a low residuaksistance and almost no stiffness, and therefore, a stituctura
analysis model which takes into account these effects can be considered as
representative of the true behavior. The US and EU provisions differ in this aspect
since AISC341 considers mostliget prebuckled stage of brace members in the
analysis while EC&onsiders for some cases the-puekled stage and for other
cases the podtuckled stage of these members.

Both the compression and tension braces are included in the structural analgsis mod
for cases where the design is based on theyckled stageln contrast to this, only

the braces in tension are represented in the structural analysis modesemed if

the postbuckled stage is to be considered, and the compression braces are
corservatively omitted. The latter approach is usually termedheagensiononly
bracing Both of these methods are schematically depictédguare5.4. It should

be mentioned that the tenstonly bracing approach results in analysis models with
significantly lower lateral dfinesses and higher periods of vibrations when

compared with models that include the axial stiffness of all braces.
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Figure5.4. Typical analysis models for diagonal bracings

According to AISC341, both treompression and tension braces shall be represented
in SCBFs regardless of the type of bracing configuration adoatedthe tension

only bracing is not allowed. On the other hand, OCBFs can be designed either using
the tensioronly approach or an apprda similar to that described for SCBFs.
Special rules are given in EC8 for frames withoX diagonal bracing${gure5.1)

and frames with Mracings Figure5.2a-c). In frames with X or diagonal bracings,

only the tension diagonals shall be taken into account indicating a temdyon
design. In the frames with-Wracings, howver, both the tensiomd compression
braces are to be taken into account, which is similar to the AISC341 approach for
SCBFs.

In general, the concept of noimmensional slenderness is used for imposing limits
on the slenderness of brace members. Thedimoansional slendernessa measure

of the elastic buckling strength of a brace relative to its yield strength and is
expressed as follows:

KL |F,
KL K (5.1)
E

whereK: effective length factot;: length of the brace member;radius of gyration

of the brace membekFE,: yield strength of the brace material; a&@dmodulus of
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elasticity of the structural steel. The AISC341 psmns impose a limit of<1.27

for bracesn V or invertedV configurations used in OCBFs. This restriction intends
to limit the unbalanced forces that are applied to beamslwibed frames after
brace buckling has occurred, as will be discudatst. For SCBFs, braces shall
satisfy KL/r<200 whch converts to <2.65 for a steel with a yield strength of 345
MPa. This upper limit is imposed to prevent dynamic shock effects during
earthquakes which are observed for CBFs with very slender kdages

In EC8, for frames with Xor diagonal bracing$-{gure5.1a) the nondimensional
slenderness should be limited to 1.3< $V GLVFXVVHG HDUOLHU (&
only approach for the design oBEs with X- or diagonal braces by neglecting the
contribution of compression braces. Therefore, the lowet 6.3 is defined to
avoid using stocky braces with a high compressive strength which may lead to
overloading of columns in the phbeickled stag when both the compression and
tension diagonals are active. It is worth noting that, although the temdion
approach is allowed for OCBFs as per AISC341, no such lower bound is imposed
on the slenderness of brace members in the US code. On theanbethe upper
limit on nondimensional slenderness is placed to reduce the shock df3dis
similar to the AISC341 approach for SCBFs. Also, such an upper limit is considered
to be beneficial in controlling the cof-plane deformationsf@usset plates during
the postbuckling responsefdoraces, which might lead to undesirable premature
failures[327. In ECS, for frames with decoupled diagonal braéegufe5.1b) or
V-braces Figure 5.2a-c) the imposed limit is ” The lower bound of 1.3 is
omitted for decoupled diagonal braces since twice as many columns are involved in
the bracing system when compared withXhbraced gstem. The omission of the
lower bound on for the case of \braced frames is justified by the fact that these
frames are not designed using a tensinly approach as per EC8. In structures of
up to two stories no limitation applies tan the Europeardesign which means that
rods or cables can be used as diagonals in such buildings.

A special rule (hereafter referred to as@reega Rulgis presented in EC8 to ensure

homogeneous dissipative behavior of braces along the height of a structueasv
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no such rule is given in AISC341. According to ECS8, the overstrength of a brace

member is calculated as follows:

— Npl,Rd,i
. | -_—
NEd,i

(5.2)
where : i: overstrength of the braceNprq,i design plastic resistance of the brgce

and Neq,: design axial force in the bragein the seismic design situation. The
overstrength is the ratio of the available sttentp the seismic demand. EC8
mandates that the maximum overstrength shall fiferdrom the minimum by more
than 25%; i.e. ™" min " This means that braces in some stories cannot be
significantly overdesigned while the members in othéores are designed for
forces close to the demands produced under the seismic actisrulehon the
overstrength produces additional design efforts and possible practical difficulties in

proportioning of brace members as explained by Elghagg2®.

There are also compactness requirements for brace members in both provisions.
According to AISC341, braces in OCBFs should satisfy the requirements of
modeately ductile members (equivalent to Class 2 in EC8) whereas braces in SCBFs
shouldsatisfy the requirements of highly ductile members (equivalent to Class 1 in
ECB8). On the other hand, EC8 provides cross section classification requirements
based on the dtility class and the behavior factor adopted for the design. For DCM
with 2<q” & $3D or Class 2 cross sections are suggested while for DClglith

Class 1 cross sections are recommended for dissipative members. As discussed in
Section5.2.3 the codified values of range between 2 and 4 for CBFs designed
according to EC8. Thus, it can be deduced that cross section classes 1 or 2 are
required for braces of CBFs, qualifying them as either highly or moderhietile
members irthe European design procedure.
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5.2.6 Design of Columns

An elastic analysis is typically conducted for the design of CBFs which is inherently
unable to predict the internal forces in columns when the framing goes into the
inelastic range. Adliscussed earlier, ogpression braces reach their buckling
capacity and can exhibit pestickling behavior while tension braces yield and strain
harden. Thus, following the principles of tlapacity designapproach, it is
necessary to design columns of E2Bfor the actual exqeted forces that braces can
exert on them and not using those found directly from an elastic analysis. Therefore,
both AISC341 and ECS8 require that columns of braced bays be designed for
additional special load combinations. In the, SCEZ#10 gives thes special

seismic load combinations, which can be represented in the following general forms:

E., 02S5,DL 12DL 10L 0.5L

seismic non seismic

(5.3)

E., 02S,DL 09DL 1.6HL

seisni ¢ non seismic

(5.4)

whereEamp amplified seismic load$)L: dead loadd;.L: live loads;SL: snow loads;
andHL: loads due to lateral earth pressure. In thigper, the emphasis is on the
seismic part of the above load combinations=duatiors (5.3) and(5.4) the term
0.2%sDL represents the vertical seismic load effects. Acogrdo ASC341, for
OCBFs Eamp shall be determined by amplifying the lateral seismic loads with a
VWUXFWXUDO RYHUY VNKHHQHWKPIPHWRHABIE-OOAH R
2.0 for OCBFs. For checking these special load combinations, AISC341 permits
designng columns under the action of axial force only and without considering
IOH[XUDO DFWLRQV :KLOH HDUOLHU YHUVLRQV RI $,6&
for the design of columns in SCBFs, the provisions of the current version recommend
a differert apprach. In this approacltamp is determined using a plastic collapse
mechanism type of analysis, as showRigure5.5, where all braces are assumed to
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resist forces corresponding to their expected stremgtbsmpression and tension.
As shown in this figure, the braces in tension carry forces denot&édnbyle the
braces in compression carry forces denotedCbyhe expected tensild ;) and

compressiveui) strengths can be determined as follows:

T =R F A (55)
L1.14F A, dT,,
C, = zgr (whichever creates a larger demand) (5.6)

0.3u(l.14F, A, ) d0.3,,

whereRy: ratio of the expected yield stress to the specified minimum yield stress of
the brace material\g: gross area of the brade;e: critical stress calculated using

the column buckling equations of AISC360 considering the expected yield stress, i.e.
R/Fy, instead ofFy. The expression which yields the higher demand should be used

in Equation(5.6). It is worth nothing that the column axial force obtained using this
approach does not need to exceed the force obtained through the approach explained
for OCBFs (i.e. using the structural dve/ W U H Q J W K =R} \WoRvéverR |
considering a tensi-only bracing model.

It is worth noting that in the recent edition of AISC324§, it is permitted to use
nonlinear dynamic analysis to determine the column forces in SCBFs.

\CT
T C

= /T = / T/ \c

T C T C
e 1] 7/ \c
T C T C
]
@) (b)
Figure5.5. Typical analysis models for the capacity design of columns in CBFs

—>
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In EC8 no distinction is made between DCM and DCH for the design of CBF
columns. In both cases the column axial force obtained from an elastic afalysis
any load combination that involves earthquake loads is increased as follows:

Ndesign NG N amy (5 : 7)

where Ngesign amplified axial demand of the columNg: available column axial
force due to te nonseismic part of the considered load combinatigs amplified
FROXPQ D[LDO IRUFH GXH WR WKHnwWHLYPWHatbFWLRQ WDNtE
of the expected yield stress to the specified minimundys¢less of the brace
material, which isdentical toRy LQ $,6 & imin: the minimum value of brace
overstrength (i) calculated usingequation (5.2); and Ne: column axial force
resulting from the seismic actions according to EC8, which should endluel
vertical seismic load effects if required by the EU provisions. Consequently, the
column axial resistance considering the effect of the availabtarl moment due

to the seismic loads shall be higher tiNagsign This approach is somewhat similar

to AISC341 approach for OCBFs, however, requires more parameterdsiyce

a function of the selected steel grade and the selected brace sizebdhtdbg
building height. The amplification in the European approach is more pronounced for
frames witKk K L Jd(drR)) and for cases where the selected braces have strengths
that are significantly higher than the applied actions. It should be emphésate

the minimum of the brace overstrengths across the stories shall be used in
determiningNamp Although the EU provisions (and partly the US provisions) allow
the use of the amplified load approach, it is aketiwn fact that this method might

fail to properly estimate the expected column demands for some bracing
configurations (e.g. sefb7]). It is also worth noting that, during the design of
columns of CBFs using both provisions, generally the contribution of braces in

resisting gravity loads should be conservatively neglected.

AISC341 states that the columns of SCBFs shall satisfy the compactness
requirements of highly ductile members (eqienaito Class 1 in EC8) while no such
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requirement is given for OCBFs. The cross sectional class requirements of ECS8,
discussed irsection5.2.5 are only postulated for energy dissipating members of a
system. Thus, it is inferred that EC8 is silent regarding the cross section w#dss le
of columns in CBFs, which are not considered as energy dissipating members of this

framing system.

5.2.7 Desgn of Beams

Both provisions have special clauses for the design of beams in CBFs. For OCBFs,
AISC341 provides a special requirement forbMced andinverted \tbraced
systems. In these structural configurations, the brace in tension reaches its yield
capadty while the brace in compression buckles and provides abpogting
resistance. Therefore, as showrFigure5.6a for Beam A unbalanced forces can
exist on beams of these systems. For this reason, AISC341 requires beams of
Ordinary CBFs to be checked for a special condition where the earthquake loads in
standard load combinations are replaced by the case wigetension brags are
assumed to reach their expected tensile capacityR(kFghg) while the compression
braces are assumed to carryR,3vhereP;, is the compressive strength according

to AISC360. Note that the forces in the tension braces can elsthined by
redacing the earthquake loads in standard load combination&wighas discussed

in Section5.2.6 using a structural overstrength factor gE2.0.

A slightly different approach is considered for beams of Special CBFs in AISC341.
For this case, regardless of the CBF configuration, the beams are checked for the
special seismic load combinatiogizen inEquationg5.3) and(5.4), whereEampis
determined assuming that the tension and compression braces have reached their
ultimate capacities as defined Bguatiors (5.5) and(5.6). This approach results in
unbalanced forces on beams cbkaced systems (e.Beam Ain Figure5.6a) as

well asbeams of other configurations (eBpam Bof the X-braced system shown in
Figure5.6b).
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Figure5.6. Typical forces on beams of CBlystems

In the European appach, no distinctions are made for DCM and DCH ductility
class levels and all of the requirements are applied to both classes. Based on ECS,
for beams of Woraced and inverted-Wraced systems a similar approach to that of
AISC341 is casidered with the diérence that the earthquake loads in standard load
combinations are this time replaced by the case where the tension braces are assumed
to reach their nominal tensile capacity (FgAg) while the compression braces are
assumed to cay 0.3FyAg. The mairdifferences compared to the American approach

are the omission of tH®, R Ll) factor and the fact that the plastic resistance is used
for determining the podiuckling strength of compression braces instead of their
buckling strenth. In addition to te above requirement, another rule is available in
ECS8 for the seismic design of CBF beams. To this end, the beam axial force obtained
from an elastic analysis for any load combination that involves earthquake loads is
increased usingquation(5.7), in the same manner explained for columrfSention

5.2.6 As discussed i®ection5.2.5 EC8 recommends a tensionly approach for

the andysis of frameswith X- or diagonal bracings-{gure5.1), and thus, beams can

have large axial forces based on an elastic analysisBeam Bof the X-braced

system shown ifrigure5.6b, assumingC=0). For such cases, the latter requirement

of EC8 will be influentialNote that, according tiooth provisions, during the design

of CBF beams, the support that the braces can provide for gravity loads are neglected.

Similar to columns, AISC3U4 also provides section compactness requirements for
beams of CBFs, while ECS8 is silent in this regard. Useprovisions require that
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beams of Special CBFs at least satisfy the compactness requirements of moderately
ductile members (equivalent to ClassenZC8) while no such requirement is given
for Ordinary CBFs.

5.2.8 Design of Brace Connections

According to AISC31, the brace effective net area shall not be less than the brace
gross area for braces of Special CBFs. No such requirement is however given for
Ordinary CBFs. This requirement ensures gross section yielding of braces by
precluding net section fractureltae modes. In cases where a brace member has a
reduced cross section at its connection regions, this requiremensatisfed,and

the brace mast be reinforced in these regions. The rules for such reinforcing are also
given in the AISC341 provision&n EC8, no direct rule is presented to address the
net area fracture issue. Instead, general design principles are laid out which indirectly
take he net section fracture failure into account. According to ECS, if dissipative
zones are located in strucdlmembers, nedissipative parts and connections of the
dissipative parts to the rest of the structure shall have sufficient overstrength to allow

the development of cyclic yielding in the dissipative parts.

The diagonal brace connections in Ordinary Cafesdesigned for load effects based

on the amplified seismic load (i.&amp Of Section 5.2.6 using a structural
RYHUVWUHQJWR.Q)aEcaidRrg t&R AISC341. Nevertheless, the design
tension and compression loads of the connection need not be greatéy:thad

Cun, respetively, as given b¥quationg5.5) and(5.6). For Special CBFs, however,

the amplified seismic load procedure is not recommended, and instead, three strength
and ductility related provisions are provided. Under tensile actions, the connection
must be designed fdt: (Equation(5.5)) while under compressive actions for@ud
(Equation(5.6)). Also, rules on the required flexural strength and rotation cgpacit

of brace connections are given for accommodating brace buckling.
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ECS8 has a less elaborate treatment for the design of brace connections. For fillet
welded or bolted¢onnections the following expression should be satisfied:

R, t113, R (5.8

where Ry resistance of the connection in accordance to EC3;Randlastic
resistance of the connected dissipative member based on the design yield stress of
the material. This expression is similar to the AISC341 drpeensile strength of

the braceTur given inEquation(5.5), however, the demand is further amplified by

1.1 which potentially takes into account the strain hardening effect. In EC8 no
separate rules are giveegarding the flexural strength or rotaticapacity.

5.2.9 System Requirements

According to EC8, diagonal elements of bracings shall be placed in such a way that
the structure exhibits similar load deflection characteristics at each story in opposite
senses ofthe same braced direction under load reskst This is ensured by

satisfying the following inequality:

% d0.05 (5.9

where A" and A: areas of the horizontal projections of the cross sections of the
tension diagonals, when thrizontal seismic actions have positive or negative

directions, respectively.

A somewhat similar requirement psovided in AISC341 for Special CBFs only.
According to the American provisions, along any line of bracing, the braces shall be
deployed in aktrnate directions such that, for either direction of the force parallel to
the braces, at least 30% but no b 70% of the total horizontal force along that
line is resisted by the braces in tension.
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5.3  Design of Archetypes

A series of CBF archetypes atesign in this section following the American and
European provisions. These archetypes are then subjectddrge aet of ground

motions in the next section to study and compare their seismic performances.

531 Selected Geometries, Materials, anfMember Sizes

A total of six 9story CBF archetypes were designed considering the following

configurations:

X Two-story X-braced; referred to hereafter as the splibbéced configuration
X Singlestory X-braced; referred to hereafter as therdced configuran

x Inverted \tbraced; referred to hereafter as thbrdced configuration

Each configuration was designed using the U& Bb provisions to explore the
practical differences between the design philosophies as well as seismic
performances of these fram@$ie US frames were designed as Special CBFs while
the EU frames as DCH CBFs. The designs assumed the plan geometrpaithe
9-story building[324], with X- or split X-braced frames in one direction, and V
braced frames in the other direction. In all cases, the braced frames were placed at
the perimeter of the building as shomrFigure5.7. The elevation view depicted in

this figure shows the split-Kracing system as a representative. The studied building
consists of a basement and nine stories above the ground level. Ths béitye
basement and the first story are 3.6 m and 5#spectively, while other stories are

3.9 m high.

Dimensions of the floor plan are 45 m by 45 m and the bay widths are 9 m. The mass
values used in the SAC buildipg24] were directly used in the designs.r e US
designs, the building was assumed to belong to the seismic design c&egory
according to FEMA P69&50, which represents the highest seismic hazard level
with S5s=1.0g andSyi= 0.6g. To make a fair comparisam=0.35g with Type C
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ground was considered as the setsha@zard in the European design. Consequently,

the utilized design spectra are identical to those showigure5.3.
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Figure5.7. Floor plan and elevation view the archetype building (all dimensions
are in meters)

Since the current studyas focused on the seismic design and performance of CBFs,
only the braced bays were designed considering their share from gravity and
earthquake loads. For the US designs,CE%10, AISC360, and AISC341
documents were utilized whilthe regulations of EC8 and EC3 were considered for
the EU designs. Beams and columns were selected from American wide flange
sections while hollow structural sections (HSS) were considered farsbrifaraces

were assumed to be from ASTM A500 Grade Blsteth a yield strength of 317

MPa. On the other hand, beams and columns were assumed to be from ASTM A992
steel with a yield strength of 345 MPa. The equivalent lateral force procedure was
used in he design of plane CBFs and the interstory drift ratiesevimited to 0.02

in all cases. Secorarder effects were also incorporated in the design considering a
leaner column concept. As noted $ection5.2, EC8 does not have an explicit
requirement regarding the cross sectional class of beams and columns in CBFs.
However, to have a fair comparison between the US and EU designs, the beams were
selected from Class 1 or Class 2 sections and columnsCiasa 1 sections in the
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European designs. The selected member sizes of the designed-lsgited, X
braced, and \braced archetypes are depicte#igure5.8. The designed archetypes
are designated with twpartel names with the first part specifying that the utilized
design provisions and the second part showing the structural configuration (2X for
split X-braced, X for Xbraced, and V for \braced frame). Fanstance, the “EU

V” frame is designed as per EC8 dmak a Vbraced configuration. The heighise
variation of the brace overstrengths (i.e. defined in Equation(5.2)) is also
presented imable5.1 for the designed archetypes. It should be emphasized that the

brace overstrengths are calculated only for the tension braces, as defined in EC8.

Table5.1 Brace overstrengths of the designed archetypes

Brace Overstrength:()

Story

Us-2Xx EU-2X USX EU-X usv EU-V
9 6.12 2.10 7.51 2.78 5.06 2.11
8 3.54 1.96 5.29 2.36 3.47 1.94
7 291 2.13 5.24 2.52 2.92 1.81
6 2.42 2.12 4.14 2.48 2.42 1.76
5 2.55 1.98 3.64 2.43 2.52 1.73
4 2.31 1.97 3.68 2.41 2.35 1.73
3 2.54 1.74 3.48 2.24 2.50 1.88
2 2.27 1.73 3.36 2.27 2.41 1.80
1 2.21 2.14 3.22 2.44 2.36 1.91
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5.3.2 Split X-Braced System

The US design for the split-Braced frame (designated as-Ri% in Figure5.8) has

a fundamental period of 1.63 seceratcording to an eigenvalue analysis. This value
is, however, higher than the upper bound on the fundamental period, as per-rASCE7
10, which is 1.02 seconds. Therefore, the base shear (for one bracedabay)
determined as 2176 kN considering this uppemiolowhich corresponds to 9.8% of

the reactive weight.

In the EC8 provisions, the design methodology for frames with diagonal or X
bracings is notably different than that ofbvaced frames, as discussadSection

5.2 On the other hand, there is still no common consensus on whether frames with
two-story split Xbracings shall be designed as frames wircings or as frames
with V-bracings, according to EC8. It was finally decided to design the original EU
2X frameusing the provisions of EC8 for frames withbXacings, as suggested in
other weltknown European references (e[$29). However, for the sake of
completeness, the ERX frame is also designed using the provisions of EC8 for
frames with \fbracings, as an alternative desigraisubsequentestion. It should

be emphasized that, all of the results presented under the nai2»é Edvrepond

to the original design and not to the alternative one.

The EU2X frame has a fundamental period of 2.00 seconds. This period value is
significantly higher than that of the L& frame mainly because compression
braces were removed from the anaysadel of EU2X, as discussed iBection

5.2.5 Since there is no upper bound for the period in ECS, this value is directly used
in calculations, redting in a base shear of 1728 kN (for one braced bay) which
corresponds to 7.6% of the reactive weight. As it can be seen, although there are
significant differences between the US and EU provisions regarding response
modification coefficients (behavior dtors), the definition of reactive mass,
calculation of period, modeling approaches, etc. the design base shears2¥r US
and EU2X came out tdoe somewhat comparable to each other. In the design-of US
2X, the drift constraints were not actively involvétbwever, these requirements
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significantly affected the design of EXX in which the compression braces were
neglectedand the system had a rid&ly lower lateral stiffness.

There are pronounced differences between the selected brace members, as shown i
Figure5.8. In the US2X frame stocky braces have been employed while inZ)

braces are relativelslender, mostly having slenderness ratios KiLér) above 100.

This is mainly because the bracesEU-2X are designed only for tension while
satisfying the nomimensional slenderness limit of 1.3< $V D UHVXOW WKHVF
braces are rectangular HS3ttwsufficient area to resist the applied tensionlevhi
having low buckling capacities about one af firincipal axes to satisfy 1.3<On

the other hand, braces in 2X are square HSS since they have been designed for
both tension and compression loaginin addition to this, the section compactness
requirements (i.éb/t limit whereb is the width othe HSS andis its thickness) are
significantly different in the US and EU designs for HSS braces. Based on AISC341,
theb/t should be limited to 14 fd¥f,=317 MPa considering highly ductile members,
while EC8 limits this ratio to 28 for Class 1 sectiofBus, the US design employed

HSS braces with considerably lowst ratios compared to the EU design.

A weightwise comparison between X and EU2X is presented iTable5.2.

Similar to the design base shears, the total weights are also comparable. The weight
of the EU design is about 15% higher than that of the US design. Most of this
difference stems from tHact that the weight of brace member28% more in EU

2X. Also, the total weight of beams and columns is about 14% heavier in the
European design in which heavier sections are used in top floors to control the drift.
The weights of braces, columns, abdams are also given ihable 5.2 as a
percentage of the total weight inside parentheses. Although the total weights are not
identical, the distribution of the steel material is very similar in th&X%nd EU

2X frames.
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Table5.2 Comparison of steel weights of the designed archetypes

Steel Weight (kN)

Archetype

Braces Columns Beams Total
us-2X 82 (19%) 266 (62%) 84 (19%) 432
EU-2X 105 (21%) 301 (60%) 96 (19%) 502
US-X 152 (25%) 320 (53%) 130 (22%) 602
EU-X 153 (27%) 281 (50%) 133 (23%) 567
usv 78 (12%) 251 (38%) 325 (50%) 654
EU-V 102 (14%) 350 (49%) 269 (37%) 721

* For one braced bay only
** As a percentage of the total weight

Based onTable 5.1 it is observed that the brace overstrengths are not changing
notably through the height in the E2X frame, due to the Omega Rule of

max min - discussed iBections.2.5 For US2X, on theother hand, the brace
plastic overstrengths are higher than-EXJ(especially at the upper stories), with an
increasing trend towards the top stories.

Another important igge observed in the course of this study was the difficulty of the
design process assated with the European approach. As explained earlier, EC8
dictates many interelated provisions for the design of braces in CBFs which
significantly complicates the dgn procedures. For instance, during the design of
EU-2X, it was deemed necessanyiicrease the brace sizes of the top two stories to
control the interstory drifts of the"8and 9" stories. However, the Omega Rule
necessitated that these brace sm#de increased unless the braces of some of other
stories are also increased inesiOn the other hand, the brace size in tharad 3¢

stories could not be increased since the chosen section (i.e. HSS 16x4x5/8) was the
heaviest available section ihet HSS profile list which had the required area and
satisfied thenon-dimensionalslenderness limit o1.3<. Consequently, to comply

with the drift requirements at the top two stories, instead of increasing the brace sizes,
the less preferred method otrmeasing the column and beam sizes was employed in
these stories.
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It should be emplsized that the US approach for the design of CBF braces is much
simpler compared to the European design and does not have manyelated
provisions. The numerical simailons ofSection5.4 will investigate how these
complexities and simplifications associated with each design code can affect the
seismic performance of the designed CBFs.

5.3.3 X-Braced System

For the Xbraced configuation, the US design (designated asXJ# Figure5.8)

has a fundamental period of 1.41 sec which is again higher than the upper bound
defined by ASCE-10, resulting in a base shear of 2176 kN for one braced bay, which
is 9.8% of its reactive weight. A higher fundamental period of vibration (i.e. 1.93
sec) was found for EXX mainly due to the use of the tensionly approach, which
corresponded to a bmshear of 1784 kN (i.e. 7.8% of the reactive weight) for one

braced bay.

Similar to the split Xbraced frames, the design base shears feX@8d EUX

came out to be comparable to each other despite the many differences that exist in
their design procedes. As reported ifable5.2, the total steel weights are also
close to each other, with the US design being 6% heavier this time, mainly due to
the use of heavier columns. Also, the distribution of the steel material among the
members is very similar in the two designs. Furttae, similar to the previous
section, rectangular HSS were employed inXEWhile square braces were utilized

in US-X. Basedon Tableb5.1, it can be seen that the brace overstrengths are notably
higherinUsXand LQFUHDVH VLIJQLILFDQWO\ WRZ{nu&aV WKH WRS V
for EU-X are lower and have a uniform heighise distribution. It is worth noting

that the design of EXX was significantly affected by the Omega Rule. The HSS
section chosen for the tdpace (i.e. HSS%7%1/4) is the smallest section which
satisfies all the requirements. Nevertheless, the overstringtiis brace came out

to be 2.78, as reportedTiable5.1. Thus, the braces at the lower stswere selected

as the smallest feasible sections Kvit values above (2.78/1.25=) 2.22.
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534 V-Braced System

The fundamental period of the US design for tHer&ced frame (designated as-US

V in Figure5.8) is 1.58seconds which is once more higher than the upper bound
defined by ASCEAL0. Therefore, the base shear for one braced bay Of W8&s
again found to be 2176 kN (i.e. 9.8% of the reactveight). On the other hand, the
EU design for the Mraced frame (degnated as EY in Figure 5.8) has a
fundamental period of 1.30 seconds whiclovger than that of U&/. Due to the use

of a lower fundamental period and also a considerably lower behavior factor (i.e.
g=2.5, as explained in Secti&i2.3 the base shear for one braced bay came out to
be 4260 kN which is equal to 18.6% of the reactive weight. Unlike the US and EU
designs for the Xand split Xbraced frames which had somewhat similar base
shears, the design base shear of\Eld sigrificantly higher than that of U§'.

The drift requirements were not actively involved in the design difra¢ed
archetypes. Similar t&U-X, the design process of EWJ was dominated by the
Omega Rule. As reported Trable5.1, the top braces have the highest overstrength
in EU-V and tke other braces are selected accordingly to comply with the Omega
Rule. Similar to X and split Xbraced archetypes, the brace overstrengths are higher
in USV compared to EYV, particdarly at the top stories.

For the brace members in both WSnd EUV stocky square HSS are employed,
because in both frames the braces were designed for compression as well as tension
loading. The weightvise comparison presented Tiable 5.2 shows that, although

EU-V is designed for almost twice the base shear cMJte total weights of the
frames are close to each other, with the European design being only 10% heavier.
One of the key reasons for this is the differeies eéxist betwen the compactness
requirements of AISC341 and EC8 for HSS braces. As discussed earlier, EC8
permits using HSS with highdy/t ratios compared to AISC341, and thus, in the
European approach the designer can use HSS members with a refagjlielydius

of gyrations without increasing the thickness of the section significantly. In contrast,
due to the stringent compactness requirement of the HSS braces in AISC341, the
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designer is forced to use sections with relatively thick walls. This idyckdaserved
in Figure5.8 where almost all of the brace members inEHave higheb/t ratios
compared to their counterparts in WSt is important to note that the above
discussion is limited to HSS braces since the compastrequirements for other
types of sections are different in EC8 and AISC341 provisions.

Similar to what was obseed for the X and split Xbraced archetypes, the total
weights of USV and EUV are close, however, examinifigble5.2 reveals that,
unlike the prewaus cases, there are significant differences in the distribution of the
steel material between members of the two frames. As reported in this table, the
highest share (about 50%) of the total steel is used in beams-dfWi#le the
highest share (about %9 is used in columns of EM. This is due to the use of
different capacity design approaches by the US and EU provisions. As discussed in
Section5.2.6 EC8 requires column® be designed for an amplified seismic load
while AISC341 replaces braces with their expected tensile and compressive
strengths to obtain the design loads of columns. Furthermore, as discussetion

5.2.7, there are differences between the codes in the definition of unbalanced loads
which are used for the design of beamsbrsiced frames. Th&merican approach
assumes that the forces in the tension and compression braces wiRjg#gtand
0.3x1.1#cAg While the European approach assumes these forces EgAyeand
0.3FyAg, respectively. It can readily be shown that the US method veillltren
significantly higher unbalanced loads (and consequently heavier beams) compared
to the EU approach, praled that identical brace members are used. The effects of
using different capacity design approaches-ior&ced CBFs are further investigated

in the nonlinear time history analysesS#ction5.4 that follows.

5.4  Comparison of Seismic Behaviors

A comprehensive study was undertaken to investigate the seismic behavior of the
archetypes designed according to AISC341 and EC8. Numerical models of these

structures were subjected to a large set of ground motions asichthlation results
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of a total 0f880 analyses were examined to highlight the similarities and differences
between the responses.

54.1 Details of Numerical Simulations

All of the analyses were conducted using Biepackage, ABAQUS 6.12 [273,
considering twedimensional models of the structures. Both material and geometric
nonlinear effects were included in the analyses. Since the study is focused on the
seismic perfomance of CBFs, only one bracedybwas modeled, however, to
properly capture the secowdder effects, an elastic leaner column was also
included.

A von Mises plasticity constitutive model with kinematic hardening considering
bilinear material behavior waused in the numerical simulatg All members of
the frame and the leaner column were modeled using B2-haae linear beam
elements, each having one integration point at thelenigth and five integration
points through the height of the section.ather small mesh size was empldydth

12 elements in each brace, 18 elements in each beam, and 8 elements in each column.
All of the beamto-column, bracéo-column, and brac-beam connectionsere
pinned and were modeled in the finite element maggigy thepin-typemulti-point
constraint(MPC Pin) technique available in ABAQU373. Furthermore, at each
story level, the horizontal displacement of the ézarolumn was constrained to that
of the CBF column using thequationtechnique of ABAQUSJ273.

Based on the recommendation of FEMA P§25(, the reactive seisit mass of

each floor vas determined as 1.D5+0.29 L using the dead and live load values
reported for the original SAC buildiff§24. It is worth noting that 25% of this mass
was considered in the models snihe braced bay undarvestigation will only
receive ondourth of the base shear. The vertical loads on the leaner column were

also calculated in a similar manner.
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To properly capture the buckling behavior of braces in CBFs, it is necessary to
include nitial imperfection inthese members. The comprehensive studies of
D’Aniello et al.[326 327 have shown that the introduced amount of imperfection
can affect the seidm response of the CBFstructure under consideration.
Furthermore, it is suggested by these researchers to use theoretical formulations
instead of empirical methods for estimating the proper level of imperfection, since
the former depends not only on thede length, but alsoncthe flexural strength
interaction of the brace cross section. Nevertheless, considering the comparative
nature of the current study, it was finally decided to use an initial imperfection equal
to 0.1% of the brace length (il&1000) in all models. Thiamount of imperfection

has been previously reported as a reasonable estimate by Deierle{i32§ and

also used successfully in numerical simulations of many otheéiestsuch as Fell

[329 and Okazaki et a]30€. In any case, more advanced and accurate meftiods
estimating the initial imperfection can also be employed, asulbiy discussed by
D’Aniello et al.[326, 327].

The imperfection can be incorporated in the firetement model via different
approaches. For instance, an initial defation can be superimposed on the brace
members at the start of the analysis without altering thesterss field, or the
braces can be modeled explicitly with imperfection. Nevestselthe preliminary
analyses using these methods revealed that, gdarinumber of the investigated
earthquakes, some of the braces became stretched significantly in tension and lost
their imperfection to an extent that they failed to capture bucklinigemext load
cycles. Consequently, some of the brace members yiblodin tension and in
compression during the earthquake. It should be emphasized that the problem was
not seen in all braces and during all earthquakes, however, was observed
sporadicdly, affecting the results notably. After investigating different apphes,

it was finally concluded to introduce initial imperfection by applying-atplane
distributed loads on brace members. This way the source of imperfection remained
on the brace embers, forcing them to buckle under compressive loads even after
braes had experienced significant yielding and stretching. The method was found
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to be areliable approach which guaranteed brace buckling during the several hundred
analyses conducted ingftourse of this study. It is important to note that the initial
stres in the brace members due to this imperfection load was relatively low (below
0.07Fy in all models except EWW where 0.1E, was observed in braces of lower
stories), and thus, did noave a detrimental effect on the analyses.

Another important issue ironlinear time history analysis is damping. Although the
equivalent viscous damping approach using Rayleigh formulation is commonly
adopted, great care should be taken while using thitsateBased on this approach,
the damping matrixC, is determined a®llows:

c oM K (5.10)

whereM andKk DUH WKH PDVV DQG VWLIIQHVYDROGWdJLFHYV U
proportionality factors which are calibrated to result in a predefined percentage of
FULWLFDO GDPSLQJ DW VEARnGrdséarcherSsuch &aSUHBIW L R Q S
[330, D’Aniello et al.[326], and Charney33]] have illustrated that using this

method can produce unrealistically large damping forces wambnservative
displacemat demands in nonlinear analyses. This issue was also clearly observed in

the present study during initial analyses. Brace members experienced very high
velocities when yielded which in turn created large damping forces in these
members, sometimes even cpamnable to their plastic capacities. As discussed by
Deierlein et al[32§, there is no solid consensus on a solution scheme for this
problem. Manyapproaches have been posed such as using a capped viscous
damping formulation or using the tangent stiffness matrix instead of the initial (or
elastic) stiffness matrix ads. However, most of these methods cannot be readily
implemented in most commeatifinite element softwa: A more convenient

approach was consequently chosen in this study, as described by Deierlein et al.
[328, where the stiffness proportional paftdamping is minimized,red damping

is mostly represented by the mass proportional part. This approach reflects the fact

that the stiffness proportional part of damping is considered to have a more
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pronounced effect in producing unrealistic damping for@eR. W K L W=03atd

k ZHUH XVHG LQ DOO P Rwad @ihd iKoE siffiziénk H R
enough to reduce higihequency noises in the response while minimizing the
stiffness proportional part of damping. Free vibration analyses of thenddsig
DUFKHW\SHVY UHYHDOHG WKDW WKH XVHG IDEWRUV FRUUH
mode of vibration and 2% in thé%mode.

To verify the adopted modeling approach regarding imperfection, material behavior,
element type, mesh size, and other issunesfihite element results were compared

to the test results of specimen No. 17 tested by Black[@84]. The specimen was

an HSS 4x4x1/4 brace with a length of 2428 mm and yield sife&¥7 MPa. The
comparative results are depictedrigure5.9. An acceptable level of conformity can

be observed between the results. It is worth noting that the numerical results are
almost identical to those pieusly reported by D’Aniello et a]326 considering a
similar material modelAny discrepancy irFigure5.9 can be attributed to the fact

that the beam elements are unable to capturedthisanal imperfectios caused by

local buckling. Also, using more advanced material models (e.g. Mendyjotty)
instead of the utilized bilinear material model can enhance the results, as noted by
D’Aniello et al.[32§. Nevertheless, considering thena of this comparate study,

the accuracy of the adopted modeling approach was deemed to be sufficient.

The developed finite element models were finally subjected to a set of 44 ground
motion records presented in FEMA Pg25(0. This document provides two sets of
records which are designated ag-fiald” and “nearfield” sets by FEMA. In the
present thesis, the flield set was utilized. It should be mentioned that these ground
motions are first normalized based on their peak ground velocities and then,
consideing the fundamental period of thesigned archetypes, are scaled by a factor
of 2.59 during the analysis to reach MEEr spectral demand of the seismic design

categoryDmax
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54.2 Split X-Braced System

For the sake of brevity only representative results of the nonlinear time history
analyses for U X are pesented ifrigure5.10, and for other casesnly the median

of the recorded values is reported. In this figure, the gray lines represent the response
values obtained for the whole record set and the solid blaekslithe median of the
results. Interstory drifts, residual displacements, floor veésc and floor
accelerations are reported as global indicators while quantities such as the brace out
of-plane deformation and ductility as local performance indisatibrshould be
emphasized that floor velocities are reported relative to the grouhdtsihey can

be related to damping, while accelerations are reported as total floor accelerations so
that they can be related to the seismic forces exerted estmotural components

[332 333. Figure 5.10g reports the brace accumulated equivalent plastic strain
(designated as PEEQ in ABAQUS373), defined as follows:

t
PEEQ 3,38 Mt (5.12)

Where @&is the plastic strain rate tensor. It should be noted that PEEQ is reported at
the most critical point of each brace member which is located typically at its mid
length. The ductility demandsifbraces (i.e. brace elongation divided by brace yield
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elongdion) are also presented Figure 5.10h in which positive values on the

horizontal axis correspond to the ductility demand in tension and negaties t@lu

the ductility demand in compression.
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Figure5.10. Summary of analysis results for 22X

30

A clear comparison between the median responses-@XJksd EU2X is given in

Figure5.11 as well as

Table5.3. Based on this table, USX and EU2X have experienced comparable base

shears and column axial forces during the earthquakes. The difference is about 16%
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between the meahn values, with U2X exhibiting lower forces. This is in contrary
to the results of the design phase, where the US frame had a slightly higher design
base shear. The frame responses showigure5.11are simiar in some cases while
quite distinct in others. Braces in E2X were significantly more slender than those
of US-2X, however Figure5.11e shows that the medians of the recorded maximum
floor velocities are veryimilar for both designs. Thus, it appears that the floor
velocity is not too sensitive to the slenderness of theebmaembers in properly
designed CBFs. On the other hand, as shovamgure5.11b, floor accelerabns are
generally higher in the EU design, indicatitigat higher inertial forces will be
exerted on nostructural components of ERX compared to U&X during
earthquakes.

The medians of the recorded residual drift ratios are preserfgglire5.11d which

did not exceed 0.5% for both archetypes. McCormick ¢R@P suggest this limit

as a permmible residual drift ratio above which repair of the structure mighrbec
uneconomical. The main difference is that the US frame exhibited higher residual
drifts in the lower stories while the EU design had higher residual drifts in the upper

stories.
Table5.3 Comparison ofe@sponses of the designed archetypes
Median of Results (kN)
Archetype
Maximum Base Shear Maximum Column Axial Force
us-2X 4966 11500
EU-2X 5969 13730
US-X 6235 14320
EU-X 7385 14420
usv 5113 10640
EU-V 8380 15930
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Figure5.11. Comparison of analysis results for42% and EU2X

Results presented ifigure 5.11f reveal that the braceism both frames have
experienced significant owif-plane deformations due to buckling, sometimes as
high as 15% of the brace length. Interestingly, the median valuésace oubf-
plane deformations are very similar for 28 and EU2X, except for thedp two

stories which are discussed later.

The medians of brace ductility demands for-2)Sand EU2X are given irFigure
5.11h. The ductility demands are found to be comparable to each other and limited
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to +10 (except for the top two stories which are discussed later), with the US design
exhibiting somewhat higher dends. It is observed iRigure5.11h that, when the

brace ductility demand in compression is relatively high in a story, the ductility
demand in tension is relatively low in the same story. Also, the heightvariation

of the ductility demand has a zigzag form witlbsequent increasescadecreases.
Investigation of the analysis results demonstrated that this is due to the deformation
of the bracentersected beams; i.e. those located at the intersection of the split two
story diagonal braces. As thoroughly discusse8hen et a[.314, 315, the codified
seismic design force for these members is zero or very small resulting in the selection
of small sections for these beams (e.g. W16x40 sectioRgime5.8). However,

the actual distribution of forces during earthquakes can create large internal forces
in these beams and significant deformations at theirspaésh, sometimes leading to
their yieldirg [314]. As schematically depicted Figure5.12 for a two story CBF

with split X-bracings, if the bracmtersected beam does not have sufficient strength
or stiffness, the unbalanced loads arising from lluekling of the bottom
compression brace (i.e1 @ the figure) will deflect the beam dowards, leading

to an increase in the ductility demand of the compression brace iff heryt and

an increase in the ductility demand of the tension brace in"ttsta?y. If the top
compression brace (i.e2 @ the figure) buckles sooner, again ailanphenomenon

will occur, however, the beam would deflect upwards. Based on the results
summarized irFigure5.11h, it seems that the brat®ersected beams in both US

2X and EU2X have mostly deflected downwards due to the applied unbalanced
forces, increasing the ductility demands of the braces in compresstun 2, 4",

6", and &' stories. The heighwise variation of the brace ductility demands is more
abrupt in US2X, suggesting that the deflection of bractersected beams might
have a more notable effect on the ductility demands of stocky bracgsarasiio
slender brace members. More comprehensformation on the behavior of brace

intersected beams in splitBfaced frames can be found in Shen €t3dl4, 315.
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Figure5.12. Deformation of bracenterseted beam and its effect on brace ductility
demands

The most important difference between-RI$ and EU2X was in their interstory
drift responses. As summarized kigure 5.11a, the interstory drifts exhibited by
these frames are somewhat similar up to thst@ry, mostly below the design drift
limit of 2%. However, the drift ratios tend to increase significantly forZ2n the

top two stories. The behavior can be considered as asteoft mechanism
developingat the top stories of the EU frame. Simulattesults demonstrated that
the EU2X frame experienced the satiory behavior during most of the earthquakes
while no such response was apparent for24S Examining the analysis results
revealed that thesedres were mostly inadequate in properly restrg the drift at

the top stories. During some of the earthquakes, this issue has even led to the
development of plastic hinges in the columns of tHes®ry (e.g.Figure 5.13).
Furthermore, the accumulation of the damage at the top stories2XBught had

an effect on reducing the PEERIqure5.11g) and brace ductility demandsigure
5.11h) in its lower stories (1 to 7), in which the American design generally

experienced higher demands.
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Figure5.13. Distribution of PEEQ in Et2X at the end of the analysis for record
No. 30

Although a geat deal of effort and care was taken in the design phase of all
archetypes, it was decided to-design EU2X with different approaches to
investigate whether the observed sitiry behavior can be resolved or it is an issue
related to the core dggn methodology of the EU provisions. Thus, in addition to the
original design (i.e. Ek2X), six alternative design approaches were considered as
follows. In thefirst alternative approach, a fully automated design and optimization
computer code was pragned onsidering an evolutionary algorithm developed by
Kazemzadeh Azad et dI334]. As stated inSection5.3.], there are many inter
related provisions in the design of CBFs according to EC8, and thus, the aim of this

alternative was to check whether an automated routine is capable of providing a
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beter-performing structure. A total of 15000 designs wereckled by the program

to reach to the final optimum design (designated a2 KAOPT) which satisfied the
strength and drift requirements. In tbecond alternative(designated as EBQX-

TOP) an approdc proposed by Mazzolani et 4835 was considered where a
portion of the base shear is applied direaththe top floor, to necessitate larger
braces at the toptories, and the remaining portion of it is distributed over the
building height. This method was in use in older American specifications and is still
in use in some codes and tends to resemble higbde effects in the equivalent
lateral load procedur€onsidering the fundamental period of the archetype and after
examining different seismic specifications, a value of 7% of the base shear was
selected as the top load. ECS8 states that the latéfiaéss of stories shall not change
abruptly over the helg unless the structure is designed using modal response
spectrum analysis. Although EC8 does not provide a quantifiable criterion for
checking this issue, it was decided to also include an sfilited frame designed
using spectrum analysis (i.e. EAX-SPC) as th¢hird alternative . As mentioned in
Section5.3.2 some researchers suggestt thlit X-braced frames are in fact a
combination of V¥ and inverted Vbraced frames, and thus, should be designed as V
braced frames. Therefore, in tfourth alternative (i.e. EU-2X-DSV) the split %

braced frame was designed using the regulations of@@&mes with \bracings.

It is worth noting that, although EC8 does not explicitly address the capacity design
appro&h for beams of split Xraced frames which are not intersected by braces
(similar toBeam Bshown inFigure5.6b), in order to have a fair comparison, these
beams are designed by replacing the earthquake loads in standard load combinations
of by the cae where the tension braces are assumed to reach their nominal tensile
capacity (i.eFyAg) while the compressn braces are assumed to carryFQA3. As
discussed previously and summarizedable5.1, the brace overstrengths are rather
uniform for EU2X (because of the Omega Rule) while quite-naiform for US

2X with drastic increases at the top stories. Since the Omega Rule was employed in
the degyn of the abovenentioned four alternatives, the distribution of overstrengths
was also uniform in these alternatives. Thereforefifitealternative (i.e. EU-2X-
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NOM) was designed identical to E@X, however, with the Omega Rule being
omitted completely. Also, theixth alternative (EU-2X-DSV-NOM) was designed

as a Vtbraced frames (identical to ERX-DSV), however, without considering the
Omega Rule. The omissiofhthe Omga Rule in the European design process, albeit
only for the top braces, was also discussed recently by D’Aniello §34. The
design results for all the aboweentioned alternatives are summarized-igure
5.14. It is worth noting that the EA2X-NOM alternative is the lightest design which
is 12% lighter than the original ERX frame, while EL2X-DSV is the heaviest one
with 15% higher steel weighth&n the original design.

The heighiwise variation of brace overstrengtfor all of the designed split-X
braced archetypes is presentedFigure 5.15a. As it can be seen, USX has
generally the highest overstrengths. In order to have a more clear observation, the
normalized brace overstrengths (i.e/ imi”) are also compared iRigure 5.15b.
Beause of the Omega Rule, the normalized brace overstrengths for all of the
European designs lie between 1.0 arb (vertical red lines in the figure) except
EU-2X-NOM and EU2X-DSV-NOM, in which the Omega Rule was omitted. The
normalized brace overstrehgtfor the US design also lie inside the bounds defined
by ECS8 for the first seven stories, however, exceedipiper limit significantly in

the top two stories; which are the stories where thessafy behavior was observed

in EU-2X. Interestingly, théeuropean designs which omitted the Omega Rule also
followed a similar trend as the LEX frame by exceeding tHeC8 limit at the top

two stories.
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Figure5.15. Heightwise variation of brace overstrengths for the designed split X
braced archetypes

All six alternatives were subjected to the full set of 44 ground motions, and the results
are summarized ikigure5.16. As expected, the responses are somewhat similar up
to the 7 story. However, the sefitory behavior is still observed to some extent in

all alternative designs, except EAX-NOM, andEU-2X-DSV-NOM, in which the

drifts remained mostly below the design limit of 2%. Beside these alternatives, it
appears that the most effective approach antfmmgther alternatives is the top load
approach (i.e. EX2X-TOP), proposed by Mazzolani et 839, whichreduced the

top story drift by about 40% compared to the original-Z2U design. More
interestingy, the EU2X-DSV frame which was designed as @&haced system as

per EC8 exhibited the worst performance among the alternatives, experiencing drifts
in exces of 6%. On the other hand, the behavior ofZ 2UNOM (which wasalso
thelightest alternative anmg the EU designs) was almost identical to tieterved

for US-2X.
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Figure5.16. Median of driftresponses for the designed splbdaced archetypes

The results presented in this section reveals goitant fact that split raced
frames designed according to EC8 can suffer freofiestorybehavior, particularly

in top stories, which might be @ampanied by plastic hinging in columns due to
large interstory drifts. The more important issue isti@tdesigner is usually unable

to detect this unless expensive nonlinear time history analyses are conducted.
Although convenient approaches such asgieng the frame with an additional top

load or using spectrum analysis can enhance the behavior,niegical results for

the last alternatives (i.e. ERX-NOM and EU2X-DSV-NOM) demonstrated that

the omission of the Omega Rule is a more promising appréor mitigating the

softstoryissue.

The yielding behavior of members was also investigatedhle 5.4 presents the

median percentage of bracesjucons, and beams which experienced vyielding or

buckling during the earthquakes. Considering the large number of analyses and for

the sake of brevity, the members were either categorized as elastic, bockled,

yielded in the preparation of the table and #xtent of yielding is not given. To

report conservative yielding percentages for beams and columns, the origi2dl US

and EU2X frameswere kel D QDO\]HG FRQVLGHULQJ DWwBrB)WHULDO RYHL
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of 1.4 for HSS braces. This approach increased thiaucof analysis significantly,
however, it was required for estimating the maximum probable forces that the braces
can exert on other members, causing them to yield. Basédle5.4, almost all
braces of ELRX have experienced buckling in compression and yielding in tension
during the earthquakes while the numbers are lower fe2XISn the US design,
almost 35% of therlaces did not buckle and more than 20% did not yield deriag

the median of the results. This can be attributed to the design methodology of EC8
which uses slender braces and controls the brace overstrength8%f’e. ")

to guarantee a more iform distribution of the plastic action over theight.
Although the EU design has a better distribution of yieldingstiiestory behavior
discussed earlier has caused more yielding in the columns-@XHuch as those
shown inFigure5.13) compared to U&X. The differences that exist between the
approaches of AISC341 and EC8 for the capacity design of columns might also have

an effect on this mue.

Table5.4 Percentage of yielded or buckled members of #@stgthed archetypes

Median of Results (%)

Archetype Braces Buckled Braces Yielded Yielded _ .
YieldedBeams

in Compression  in Tension Columns
uSs-2X 66 78 10 10
EU-2X 100 95 25 20
USX 100 78 20
EU-X 100 83 33
usv 83 72 5 25
EU-V 78 39 30 50

* ConsideringR=1.4 for HSS braces in the analysis models
Another important concern is the yielding behavior of beamsligkissed earlier,

the deflection of bracmtersected beams in both the US and EU designs significantly

affected the brace ductilifemands. Furthermore, as summarizetable5.4, 10%
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to 20% of the beams in the splitbfaced archetypes experienced yielding, however,
all of these beams were braogersected ones. Thus, as also discussechby 8t

al. [314 319, the bracantersected beams designed to the current requirements do
not seem to have the adequate stiffness and strength to act as proper supports for
connecting brace members. As a result, dgretp a convenient approach for
overcoming this design shodming which is related to both the US and EU
provisions seem to be necessary. It is worth noting that although the mentioned
beams are almost identical in EAX and US2X, more yielding in these embers

was observed in the European design, as presentabla5.4. This issue requires
further investigation and might be related to the use of significantly more slender
braces in ELRX compared to UX.

54.3 X-Braced System

Summary of the analysis results for théobaced archetypes is presentedrigure

5.17 andTable5.3. Based on the table, the median of the maximum column forces
recorded folUS-X and EUX are almost identical, however, the European design
has experienced somewhatgher base shears (by about 16%) on average.
Examining the comparative resultsfFogure5.17e, it is observed that the U$ and
EU-X frames have exhibited very similar floor velocities. However, as depicted in
Figure 5.17b, higher floor accelerations were mostly recorded for the European
design, which will in turn increase the seismic demands on itsstnoctural
components. Residual interstory drift rati6gg(re5.17d) for both frames remained
mostly below the permissible limit of 0.5%, except for the top two stories oA EU
which have experienced tBeftstorybehavior discussed in the previous sectayn

split X-braced fraras designed as per EC8. Similar to the results of sgiitaxed
archetypes, the accumulated plastic strain demaRdgré 5.179) and brace
ductility demandsKigure5.17h) are generally higher for U% compared to EX,
except for the top stories. This might be related tod¢haraulation of damage at the

top stories of ELX which alleviated the plastic demands in its lower stories. It is
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worth noting that, unlike the spX-braced archetypes in which there was significant

differences between the compressive and tensile bratsityg demands in a story

(Figureb.11h), in the Xbraced frames the positive and negative ductility demands

(Figure5.17h) are very similar and have a more smooth heigké variation. This

is an expected behavior, since the responsible idsudise abrupt changes in the

brace ductilitydemands of split raced archetypes (i.e. braogersected beams)

are not present in the-braced system.
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As summarized ifrigure5.17a, the interstory drift ratios for UX and EUX are
comparable to each other along the first seven stories, mostly below 2%, however,
similar to the previous section, thefts at the top two stories of EX suddenly
increase to very high values. This beior has significantly increased the plastic and
ductility demands of braces at the top two stories oX£The observedoftstory
behavior for EUX is even more drastiihan that of the Et2X frame. This further
confirms the previously discussed isshat the frames with Xor split X-bracings

designed as per EC8 are prone to devstdpstory mechanism at their top stories.

Based on the experience gained from thd 3pbraced case, it was decided te re
design the ELX frame as per EC8, however, dtimig the Omega Rule, to see
whether or not this approach can mitigate the obseseéestory behavior. The
member sizes for this alternative design (designated aX-RH@M) are shown in
Figure5.14. It is worth noting the steel weight for EX-NOM was about 30% less

than that of both EXX and USX which had close weights. The heighitse variation

RI EUDFH RY Hyanthhorkalided/itace overtgths (i.e. ;/ ™M) for the
desgned Xbraced archetypes are presenteBigure5.18. Based orFigure5.18a,

it is observed that the American design has significantly higher brace overstrengths,
while the overstrengths for EX and EUX-NOM are réatively close to each other.
However, when the normalized values-ggure5.18b are considered, the difference
between EUX and EUX-NOM is clearly dserved, demonstiag that the latter
tends to follow a similar normalized brace overstrength distribution to that-2f. US
The new design was also subjected to the set of 44 ground motions and the results
are summarized iRigure5.18c. Thesoftstorybehavior is mostly controlled in the
EU-X-NOM design, further confirming that the omission of the Omega Rule in EC8
might result in frames which are ligin and perform significantly better.
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Figure5.18. (a) and (b) Variation of brace overstrengihsl (c) median of drifts
for the designed raced archetypes

For the original Xbraced designs, the percentage of buckled and yielded members
is reported inTable5.4. Similar to the previous section, the percentage of yielded
columns and beams is obtained byamalyzing the models considering a material
RY HUYVWJJdR) WK for HSS braces. Based on the table, all of the braces in
both USX and EUX have experienced buckling, however, the percentage of yielded
braces is slightly higher in EX, which might be an effect of the Omega Rule. On
average, more column yieidj is observed in EX. This can partly be related to the
differences that exist betweé¢he capacity design regulations of the provisions and
partly to thesoft-story behavior observed in the European design which in some
cases created plastic hingeshat tolumns of the top stories. Basedlable5.4, no
beam yielding was observed in-bfaced archetypes, unlike the splitbkaced

frames in which yieloshg of the bracentersected beams were common.

54.4 V-Braced System

Simulation results for the U8 and EUV frames are summarized Fgure5.19.

The design base shear for BUwvas about twice that of U8. On the other hand,

the results presented ihable 5.3 demonstrate that the European deshas
experienced base shemd column forces which are, on average, about 50% higher.
Similar to the previous sections, the floor velocitiegy(re5.19) are very similar
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while the floor acceleration&igure5.19b) are again higher for the European design.
The residual interstory drift§{gure5.19d) are below the permissible limit of 0.5%,
expect for the top two stories of B which has again exhibiethe soft-story
behavior. The observed brace-ofiplane deformationg={gure5.19f), plastic strain
demandsKigure5.19g), and brace ductility demandsigure5.19h) reveal that there

is a significant accumulation of damage at the top stories oV EWhile the
distribution of damage is more uniform for &S The accumulation of damage at
thetop stories of EWV has reduced thdgstic demands in its lower stories compared
to the American design, however, resulted in a significant increase in the interstory
drifts (Figure5.19a) of its top stories. The behavior of BWis very similar to lhe
softstory behavior observed previously for the Xdnd split Xbraced frames
designed as per EC8.

To check whether or not the Omega Rule was again responsible for the observed
soft-storybehavior, an alternative frame (designated asvENOM in Figure5.14)

was designed as per EC8, however, without considering the Omega Rule, and
subjected to the full set of 44 ground motions. It is worth noting that the newva desig
was about 30% lighter than both WSand EUV. Based on the results summarized

in Figure5.20g, it can be seen that W\Shas significantly higher bracoverstrengths

than those of ELY, while the alternative design (i.e. BJNOM) utilized even

lower overstrengths. However, the normalized brace treagths of ELV-NOM

have a very similar trend to that of &S as depicted irFigure 5.20b. The drift
responses summarizedhigure5.20c, revealed that the alternativesiign was able

to fully mitigate thesoft-storyissue, similar to the Xand split xbraced cases.

Following a similar manner to that of the previous sectiohs, percentage of
buckled and yielded members for the originabMdced archetypes are presented
Table5.4. The first major difference observedtims table is the higher yielding
percentage of columns in EYcompared to that of US. The differences that exist
between the capacity design rules of EC8 and AISC341 as well asftistory
behavior obsered in EUJV can be the possible reasons tog tssue.
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It is a known issue that, in-Braced CBFs, the strength and stiffness of beams can
significantly affect the behavior of brace members (806, 309, 334). During
earthquakes, beam mymbints act as supports for one effidhkace members in these
systens. Considering that larger forces are developed when a brace is in tension, the
stiffness and strength of beams become a major issue for the yield behavior of braces
in V-braced CBFs. When approaching to its tensile capacityace exerts a large
tensie force to the migboint of the supporting beam. If the beam has enough
strength and stiffness, the brace can successfully yield in tension. Otherwise, the
beam will deflect and the tension in the brace will reduce, prevehgngrace from
yielding. The data presented iMable 5.4 clearly illustrates how the design
requirements of the US and EU provisions are related to the above discussion. On
averageabout 25% of beams in W& haveexperienced yielding, however, to a very
limited extent based on the simulation results. Consequently, more than 70% of
braces in this frame yielded in tension during the earthquakes, which is similar to the
percentage of face yielding in USX. Thus, theUS design was able to properly
estimate the demands on beams and control them to ensure proper tensile behavior
of brace members. On the other hand, about 50% of beams in-Vid¢r&kde yielded

during the earthquakes, whichturn, resulted in a drastilecrease in the percentage

of braces which have yielded in tension. As reportdalrie5.4, only 39% of braces

in EU-V have experienced yielding, which is significantly low. It is worth noting
that, although th@ercentages of buckled braces in-U&nd EUV are closeijt

should be borne in minhat the ductility demands on compression braces will also
increase due to the downward deflection of beams, provided that these members not
be sufficiently strong and §ti which is the case for EV. This is why there is a
significant bias between tipgsitive and negative ductility demands of-EFigure

5.19h). Although the ductility demands in compression are also higher than the
tensile ductiliy demands for braces of W\ the difference is drastically higher for

the EU design, suggesting that the beams were not properly sized for the exerted
unbalared forces. This issue has also been reported in the studies of D’Aniello et
al.[334 and Tenchini et a[337] which have focused on the regulations of EC8. As
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discussed by Tenchini et #B37], the priolem can even intensify further if high
strength steel is used for the design of beams whichrealilt in more flexible

beams.

There are several approaches in the literature for overcoming the issue associated
with beams of Wraced CBFs. One of theseethods is to use 30% of the buckling

load as the expected force in compression braces (somawmiiat $0 AISC341),

during the design of beams, instead o343 which is currently in use by EC8. This
approach is recommended in some National Annexe€8) tor instance, the UK
National AnneX33§. In addition to this, the effect of the materRlY HUVWJ)H QJ WK
can also be included in this approach. Another method is the one rquepibsed

by D’Aniello et al.[33€ in which a numerically calibrated formula is given for
estimating the unbalanced forces that act on beamsohdéd CBFs. Furthermore,
arother equation is presented by these researchers which provides the appropriate
flexural stifness of beams, based on the anticipated drift ratio. This equation is used
for checking the beam stiffness in addition to the regular strdvagfd design
providons. Such stiffness checks can be incorporated into the design procedure of
V-braced CBFs,agardless of the utilized design provisions.

Although in general yielding of brace members in tension is considered as a desirable
energy dissipating mechanismhieh requires having strong and stiff beams in V
braced CBFs, an interesting observation vexently reported by Sen et §809

based on a number of tests on tstory chevron CBFs, permed at the National
Center for Research on Earthquake Engineering in Taiwan. In somesefttdsts,
properly designed chevron SCBFs (according to AISC341), albeit with weaker
beams than those required by the code, were subjected to cyclic loadingsdite
suggested that yieldiAgeam chevron SCBFs can perform similarly and achieve
comparake ductility levels to codeompliant SCBFs, provided that the beam
demandto-capacity ratios not exceed 2.5. It is also worth noting that, there are no
substantibdifferences between the drift responses obtained in the present study and
summarized irFigure5.20c, for USV and EUV-NOM, despite the fact that the

percentage of yielded beams in the latter (which has been obtained but not reported
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in Table5.4) is almost thre times higher than that of the former. Consequently, as
emphasized by Sen et 809, further research is necessary to fully understand the
behavior of \Ybraced frames withiglding beans and to see if the requirements of
AISC341 regarding the design of beams in these frames are too stringent or the
requirements of EC8 are inadequate.

5.5 Chapter Summary

The chapter explored in detail the similarities and differences betweergiyn d
procalures as well as the seismic behavadrsteel CBFs designed to the provisions
of AISC341 developed in the United States and EC8 developed in E@Bpe.
deign as per EC8 was found to be more complicated with manyréahéed

provisions.

A series of CIB archetypes were designed based on American and European
provisions and subjected to a large set of earthquakes in order to investigate and
compare their seismic performances. The most notable difference between the
behavior of CBFs designeals per EC8 ah AISC341 rules was thaoft-story
behavior occurred in the top stories of the 3plit X-, and \braced archetypes
designed according to the EU provisions. It was observed that the CBFs which
satisfied the Omega Rule of EC8 were overlyifile at the op stories. The
simulation results revealed that the omission of the Omega Rule would result in
structures which are notably lighter and perform substantially better than those
designed based on the original methodology of ECS.

All the conclwsions drawn bsed onstudiesof this chapter areummarizedn detail
in Chapter7.
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CHAPTER 6

DYNAMIC BUCKLING OF BRACES IN CONCENTRICALLY BRACED
FRAMES

Axially loaded members might experience compressive forces above their static
buckling capacity as a result of dynamic buckling under rapid shortening. Although
the subject is studied in the contexXf engineering mechanics, it has not been
thoroughly investigated in the field of earthquake engineering. Such dynamic
overshoots in thecompressive capacity can also be observed for braces of
concentrically brace frames (CBFs) during earthquakes. Comsty, a
comprehensive investigation is conducted in this chapter regarding the effects of
dynamic buckling of braces on the seismic vatraof steel CBFs. After providing

a theoretical background, recent dynamic experiments on braces and CBFs are
simulaed and discussed in order to investigate the occurrence of dynamic overshoot
during these tests. Eight archetype CBFs are then desigoeeé)ed, and subjected

to a large set of ground motions (resulting in over 1600 nonlinear time history
analyses) in ater to provide a quantified insight on the frequency and anticipated
level of dynamic overshoot in the compressive capacity of bracesgduri

earthquakes.

6.1 Introduction

Stability of members undestaticanddynamicloading conditions has been studied

in thepast[339-341]]. Studies on dynamic stability of compression elements such as
columns and rods can be broadly categorized into two maksagahorie§341]:
parametric resonance and stability under impulsive actions. A rod might experience
parametric resonance when it is subjected to a harmonic axial Woticean
oscillation fregency which has a certain relation to the natural frequency of the
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member [341-345. The second sublass is concerned with the stalyil of
compression members under impulsive actions such as the impact of a mass, a
rapidly applied axial force, or an imposed boundary veld@46-358. A brief
summary of these studies, which are mostly conducted prior to the 1980s, can be
found in Galambog341] and Simitse$359, while more recent studies in this active

field of research can be found [i360-366. The common consensus in the above
studies is that, under impulsive actions the axial force of a member can easily exceed

its static critical load.

External impulsive actions which can cause axial strain rates of the ordet tf 10
10?stin arod are generally consideredas-velocity excitationsvhile actions with

a resulting axial strain rate of 2@ 1@ s! as high-velocity excitationd341].
Investigation of highvelocity excitations, which are typid¢glencountered under
impact or blast conditions, is out of the scope of the cuthesis Previous studies

[347, 351, 357, 364, 367-37(] have shown that, in lowelocity excitations with low

to mockrate compression speeds, the expected buckled shape is identical to the
fundamental buckling mode observed in a qustaic case, however, for high
compression speeds, higher buckling modes nailglotbe excited.

During strong ground motions, brace mensha steel concentrically braced frames
(CBFs) exhibit rapid shortenings and elongations leading to repeated cycles of
buckling in compression and yielding in tension. When a rod is subjecteplido ra
shortening, due to the inertia effect of the rod’ssnaswill take a certain amount of

time for the member to deflect laterally and buckle, and within this time period, the
axial force of the rod can exceed its Euler load significdi3dy]. Similarly, it is
possible for braces of a CBF to exhibit loads above their static buckling load (i.e. to
experiencedynamic overshodt It should be emphasizdtiat this phenomenon is
because of the inertia effect thie mass of the rogbr bracg and isnot due to the

strain rate effect which can increase the material strength. The strain rate effect on
material strength is not considered in the present sRmyious experimental and
analytical results[347, 363 364 366, 370 have shown that, such dynamic

overshoots can range from a few percent to hundreds of times the Euler buckling
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load. In a brief study by Tada and SUi8¥]], it was also demonstrated that the
buckling and posbuckling behavior of truss structures could notably differ under
dynamic and static analysis. It is worth ingt that, the study was, however,
conducted considering monotonic loads and rather low compressions speeds (< 15

mm/s).

Dynamic buckling behavior of compression members has been mostly studied within
the context of engineering mechanics and there haseeotdny study focusing on

the effects of dynamic buckling of braces on the seismic performance of CBFs.
Consequently,this chapterinvestigates in detail the following issue§) the
frequency that braces of CBFs might experience loads above theirbsizking

load during strong earthquakes) (he expected level of these dynamic overshoots
and their effects on theiseic behavior of CBFs;ii{) possible increases in loads
transmitted to other members of the systems as a result of dynamic ovessttbots
methods for incorporating them in the capacity design procedure; ignd (
appropriate approaches for modeling brasesrder to capture their dynamic
buckling behavior accurately.

6.2  Theoretical Background

Previous studies have concentrated on the dynstatbility of rods under a suddenly
applied constant load or a load with a prescribed regular vari@4gh 350, 353

365 367, 369 372-375, the impact of a maswith a predefined initial veloci{y348,

351, 354 355 358 361, 362, or an imposed constant velocity to one end of the
member[347, 363 364, 366 370 376, 377]. Considering the complexity of the
loading history thiaan earthquake typically applies to a brace member, FE analysis
is utilized in thischapter Nevertheless, in this section, a simpése of dynamic
buckling, initially studied by Hoff347], is considered to present a brief theoretical
background.
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Figure6.1. Rod under a constant boundary velocitydgfjected shae (b) an
infinitesimal segment of the rod

The investigated case is a lawlocity excitation of a simply supported elastic rod
with an effective buckling lengtbf | under a prescribed boundary velocity where
one end of the member moves todsthe otheend with a constant velocity of
(Figure 6.18). Considering the equilibrium of vertical forces in the infinitesimal
segment of the rod shown kigure6.1b and taking moments about pomtand,
finally, applying the moment curvature relation, the ddfgral equation for the
deflection of the rod can readily be established as fol[3%]:

Wiy ¥) vy ly 1
El =20 P—2 TA—2 0 (6.1)

whereE is the elastic modulus of the materiak the moment of inertia of the rod’s
cross sectiony(x,1) is the total deflection ang(x) is the deflection of the rod due to
initial imperfectionsP(t) is the axial érce in the rod @is the material density, and

A is the cross sectional area of the rod. Pure shortening of the rod due to axial
straining, i.eua(t), is in fact equal to the applied total displacemeni©®f= vt minus

the axial displaement due todlteral deflection of the rod, i.en(t). Considering

small rotationsus(t) can be obtained as follows:

7 a 2 2 0
w® L,y 8% gy 6.2)

2 dow r oy,
0
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Consequently, the axial force in the rod camé®rmined as:

EA EA"§ 1I'a§ 2. gy 2°
P —Lu, ¥ P —wvt =y e gy (6.3)
| | . 2 @X[’l @)WA%:
© 0

As mentioned earlier, for lowelocity excitations with low to moderate compression

speeds, the expected buckled shape is typically identical to the fundamental buckling

mode observedn a quasistatic test. Therefore, Hoff347 approximated the

deflected shape of the rod as a {safie wave which satisfies the boundary conditions

of zero displacement and zero moment at0 andx =1; i.e.y(X 2 rymV L &I),E

wherer is the radius of gyration of the rod’s cross section @), yn 2 LV WKH
dimensionless deflection parameter and, thysis the maximum lateral deflection

of the rod at its migpan at the investigated time instance, dadhe dimensionless

WLPH GHILQIHE? Sinilarly, the initial imperfect shape of the rod can be
represented ago(x) =r /VLQJI €& ZKHUH / LV WKH GLP#QVLRQOH)
parameter and, therefore/ VKRZV WKH PD[LPXP PDJQLWXGH RI LQ
of the rod. Substituting(x, 2 andys(X) in Equationg6.1) and(6.3) yields:

"1 §wSly o
Ym I &cYe 1W—y  G,0 Vy,(0 Gnd y,(0) ¢ (6.4)
4 © 4 1 1,
as well as
a (
P(W R, « V%rl ern * C (6.5)

where a dot represents the derivative with respec® Ry is the critical Euler
bucklingload for a quasV WDWLF FDVH Z RAVR Kant QisHiBdyBatioV R E

similarity numbeiintroduced by Hoff347 as:
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(6.6)

wherec is the axial velocity of the stress waves in rod’s medium 4= ® D QG LV
the slenderness of the rod (il&). First, the ordinary differential equation @t4)
should be numerically solved to obtays, and then, usindequation(6.5) it is
possible to capture the variation of the axial load during a dynamic buckling.

To demonstrate the issue more clearly, consider thevhstructural section HSS
4x4x1/BWLWK D OHQJWK RI PP ZKLFK FRUUHVSRQGV WR
constant boundary velocity. The Young’'s modulus of the elastic medium is
considered as 200 GPa and its density as 7850°k@ime maximum magnitudef

initial imperfection of the rodsi assumed to b&1000. Considering different

boundary velocitiefquation(6.4) was solved utilizing a Runggeutta approach and

the results are summarizedRigure6.2. The theoretical results depictedRigure

6.2 clearly show that, increasing the compression speed (rate) can lead to significant
dynamic overshoot® the buckling load of anlastic rod. The FE results presented

in the figure will be discussed later.

—— Theoretical

1 FEM (Beam)

V=
. v =200 300
1.0 4 ra . V=150
> v=100
Quasi-Static

0.0 25 50 75 100 125 150
u (mm)

Figure6.2. Dynamic overshoot in the buckling load ofeastic rod ¥ in mm/s)
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6.3 Investigation of Recent Dynamic Tests

The recent dynamic tests conducted on single brace members andg®ing@BFs

are investigated in this section by FE analysis to observe whether any sign of
dynamic overshoot has been rdpdr in these tests under eartakelevel
compression rates. All simulations were conducted using the finite element package
ABAQUS 6.121[273. It is important to note that, in all FE analyséthis chapter,

the effect of strain rate on changing the strength of steel material was not
incorporated into the models. The reason is to have an isolated investigation on the
effects of the mass of CBi#taces on their dynamic buckling behavior.

6.3.1 Dynamic Tests of Fell on a Brace Member

The HSS13 specimen experimented by H8R9 is considered herwhich was an

HSS 4x4x1/4 steel brace withanBfFWLYH EXFNOLQJ OHQJWK RI
tested under a cyclic protocol. Details of the specimen are schematically depicted in
Figure 6.3 along with the developed FE model. Following FelB29 modeling
approach and in order to reduce thepatation time, only a quarter of the specimen
was modeled. The boundary conditions depictdeignre6.3b were considered and

the applied displacement history was accurately extracted from the tegtigata (

6.4) and exerted to the outer nodes of thesguplate. Eighhode C3D®& brick
elements with reduced number of integration points and hourglass control scheme
were used for modeling of the brace and gusset plate. Parameters of the utilized von
Mises plasticity constitutive model with combined nordinsotropic and kinematic
hardening were calibrated based on the data provided BEgl Dampingrelated
information was not reported [@96 329] and, therefore, a small mass proportional
GDPSLQJ FRUUHVSRQGLQJ WR D GDPSLQJ UDWLR
was assigned to the FE model. Since the effect of local imperfections was reported
by Fell[329 to be negligible, only global imperfections were incorporated in the FE
model using the fundamental buckling mode with a maximum amouii0&f0.
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Figure6.3. FE model of Fell§329 HSS13 test (a) specimen details with
dimensions in mm (b) mest quarter model (c) vavises stress contour in MPa
at the end of the analysis
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Figure6.4. Loading history in the HSS3 test of Fel[329 (data courtesy of B. V.
Fell); Tension (+) Compressior) (

HSSL-3 was experimentedynamically byFell [329 under a cyclic displacement
protocol, with a varying rate, yielding a peak excursion raig)(of alout 150 mm/s.

This rate was seleateas a representative speed which a typical CBF brace member
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might experience during an earthquake. An identical specimen (HS®4as also
tested, however, quasiatically. The difference between the recorded buckling
loads for specimens HS81and HSS1 was reported by FdIB29 to be less than
3%.

It was essential to investigate the reasons for observing nondyo&ershoots in
the buckling load of the specimens tested by [32§]. The defomed shape of the
brace as well as the corresponding von Misessstcontour at the end of the FE
analysis are depicted iRigure 6.3c. The brace axiaforce o) versus brace
elongation (yr) response of HSS3 reported in the experiment and found hrevea
FE analysis (desitated as “FEM (Solid)”) are presentedrigure6.5a and Figure
6.5b, respectively. It is worth noting that, during the experiment, theelfoace was
accurately determimefrom load cell readings of the utilized actua{®29. A great
level of conformity is observed between the reswhich validates the FE modedin
approach. As reported in these figures, the recorded buckling loads are very similar,
with the FE results being slightly higher.

As discussed earlier, mass is the essential parameter in dynamic overshoot and
analyzing a mssless brace model will elimimathe possibility of such behavior.
Thus, to quantify the level of dynamic overshoot in the buckling load of the-dSS1
specimen, the simulation was-egenducted, this time, with a massless brace; i.e.
assuming®= 0. Compaison of the buckling loads reportedrigure6.5b andFigure

6.5¢c clearly shows that, although the HS®1est was done with a rather higpeed,

the specime did not experience any notable dynamic overshoots.
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Figure6.5. Fell’'s[329 HSS13 test results (data courtesy of B. V. Fell) versus FE
results of the present study

Variation ofbrace loading ratéw,) for HSS13 is tepicted inFigure6.4 by a dotted

line. In this figure, thérace axial strain rat€ ) values corresponding to the brace
loading rates are algwesented in the right vertical axis by dividing the rates by the
brace length. Although the loading rate/ has thedirect effect on the dynamic
buckling behavior, the corresponding strain ra@) (is also reported since it is a
normalized quantity Wich has also been used by others in the context of earthquake
engineerind306]. As shown inFigure6.4, the peak value of brace loading rate for
HSS13 was abowmax 8 PPV :KLOH EHLQJ D UHDVRQDEOH HVWLP
reported by Okazaki et a[30§ in a recent shake table test for a CBF with
comparable brace members demonstrated that such bracks emjgerience
significantly higher loading rates. Consequently, it wasdéelcto reanalyze the FE
model of the HSSB specimen with twice the previous loading rate (hex 8§
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mm/s), creating a peak strain rate of about 0X10lse original displeement history
(Figure6.4) was applied, however, within half of the previous duration. Results for
this case, presented kigure6.5d, suggest that the HSSLspecimen wald have
exhibited significant dynamic overshoots in its buckling load, provided that it had
been tested with a higher speed. An increase of about 40% is observed in the peak
buckling load of thespecimen, approaching almost to the yield strength of duebr

As depicted inFigure 6.4, during the HSSB test, the brace experienced its first
budling in an early cycle, during a rather small excursion, with a compression rate
of about 100 mm/s (< peak value of 150 mm/s) followed by a series of subsequent
bucklings prior to the inisition of larger and faster cycles. In order to further
investigatethe behavior, the validated FE model wasamalyzed considering a
modified displacement protocol which contained a number of small elastic cycles
which did not cause buckling in the bracdil larger cycles withu, = + 35 mm and

Vbr 8 PP V L T kibmatibn results, not presented here for brevity,
demonstrated that HSSLcould have experienced an increase of about 20% in its
peak buckling load if it had been experimented with the original loading speed
however under sucah modified protocolThe results revealed that, the overshoot
will be more notable particularly if a brace is tested under displacement histories
which guarantee buckling during relatively large and fast excursions rather than

during small cycles.

6.3.2 Shake Table Test of Goggin®n a SingleStory CBF

A number of shake table tests were conducted by GofRjiiigsin 2004 on a singte

story onebay by onebay CBF to study the cyclic behavior of cétdmed seel

tubular braces during seismic events. Results of these tests were also summarized
and further discussed by Elghazouli efa¥r9 and Broderick et a[304]. The ST4

test is considered here where the frame was subjected to a sine raenp ba
acceleration. The input excitation was applied with a constant frequency and an
increasing amplitude towards 14 Details of the specimen as well as the
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comresponding FE model, developed in the course of this study, are shbiguiia

6.6. A pair of coldformed square hollow sections (SHS) with nominaleafisions

of 20x20x2.0 (mm) was selected as bracing members. As shdwiguire 6.6b, a
sufficient distance was considered between the bedoag thez-axis to avoid any
contact during the test. The clear length of the brace members between the end
stiffeners Figure6.6a) is 3050 mm, however, the utilized connection detail created

a rigid end conditin for these members resulting in an effective buckling length of
DERXW PP L H §

Figure6.6. FE model of the ST4 test of Gogg|i35g (a) specimen details with
dimensions in mm (b) meshed model

Fournode S4R shell elements with reduced integration, howrgtamitrol
mechanism, and five throughickness integration points were used for modeling
columns, beams, braces, and their cotioes. A von Mises plasticity constitutive
model with combined nonlinear isotropic and kinematic hardening was utilized for
braces while elastic material was assigned to all other members. Material parameters
for the plasticity model were accurately cadited using the data reported by
Goggins[378. A mass proportional SLQJ FRUUHVSRQGLQJ WR
mode of vibration was assigned to the FE model based on the reported {&t&lata
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An initial imperfection of 1% of the brace length was considered baseithe
recommendations of Goggins and his collead38¢, 381]. During the ST4 test,
recording of the axial force of the braces starteedad of the tightening of the
connection bolts, and therefore, a pretension of about 5 kN was recorded in these
members. To hava more accurate simulation, this pretension was also imposed by
applying a temperature load to the braces, prior to the iaitiaf the main dynamic
analysis. The recorded displacement history of the mass was directly applied in the
FE model.

A comparson of the test and FE results for Brace 1 is presenkgdure6.7a, where

the timehistory of the brace axial force is plotted. During the ST4 test, the axial
force of the braces was accurately recorded by connecting their lower ends directly
to load cellg378. Results summarizeid Figure 6.7a demonstrate that the brace
behavior was well resembléy the FE analysis. The underestimations observed in
peak tensile axial forces are considered to be related to the change of material
strengthunder high strain rates that are not incorporated in the FE model and
differences that existed between the asslianed actual material properties and
section dimensions. The same issue was also noted in the numerical simulations of
Broderick et al[304].

Significant oershoots above the static buckling capacity of the brace were recorded
during the test, which were also captuvesll by the FE analysid~(gure6.7a). For

brace loading rates in the range of 120 mm/s to 210 mm/s (see the buckling instants
in Figure 6.7c), increases of the order of 100% to 260% were recorded in the
compressive capacity of the brace. Iwisrth noting that, the history akr and v
reported inFigure6.7c is based on the FE results for the case of braces with mass.
While not addressing the issue comprehensively, Broderick E2C&l. found the
overshoots in th compressive capacity a topic worthy of attention. For further
investigation, the FE model was-aBalyzed considering massless braces (i.e.
assigning®= 0 only to these members). Comparison of results for this Eaped

6.7b) and the original case~igure 6.7a) clearly demonstrates that the observed

overshoots were solely a consequence of the delaying action of the mass of the brace
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during dynamic buckling under higtompression rates. Furthermore, the results
suggest that, in slender braces, such dynamic overshooteathto axial forces
which drastically exceed the Euler buckling load.
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Figure6.7. Goggins'[378 ST4 test results (data courtesy of S. Salawdeh) versus
FE results of the present study

6.3.3 Shake Table Test of Okazaki et al. on a Singl8tory CBF

A series of shke table tests conducted by Okazaki €386 on a singlestory one

bay CBF with chevron braces is considered in this section. The frame was subjected
to consecutive base excitations with different amplification levels. Here, the focus is
on the last testhich had thdighest amplification level. A summary of the specimen
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details as well as the developed FE model are presenkegure6.8. As shown in
Figure 6.8a, the total length of the brace members was 2300 mm, howeeer, th
considered elliptic fold lines resulted in an effective buckling length of about 2420
PP L H §

Figure6.8. FE model of Okazaki et al.[80¢ test (a) spemen details with
dimensions in mm (b) meshed model

The specimen was modeled using S4R shell elem@fture 6.8b). The
displacement of the mass reded during the experiment was directly applied to the
FE model. Due to lack of material data, a von Mises plasticity constitutive model
with kinematic hardening considering bilinear material behavior was uskd K&t
analysis which was calibrated based the yield stress, ultimate stress, and
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elongation values reported by Okazaki e{30q. Following the recommendation

of Okazaki et alf30g, amass proR UWLRQDO GDPSLQJ FRUUHVSRQGLQJ V
first mode of vibration was assigned to thE model. A residual otdf-plane

deformation of 17 mm (i.d/133) was considered based on the reported value for

Brace 1 prior to the last test.

Comparison of te experiment results with those of the FE analysis is presented in

Figure6.9. As shown inFigure6.9a, the frame response in terms of base shér (

versus interstory driftratioc( LV DFFXUDWHO\ FDSWXUHG E\ WKH VLPXO
level of conformity isalso observed ifkigure6.9b which conpares the response of

Brace 1 during the test and FE analysis. As discussed by Okazakj3§i6hl.the

brace forces for the experiment were baalculated using strain gauge readings

combinedwith an assumed equilibrium condition and, thus, high precision should

not be epected for these forces. Nevertheless, the utilized technique in this test was

also conceptually capable of recording dynamic and ingerdiaced effects in brace

forces.
800 400
—— Experiment (@) —— Experiment (b)
600 300
--------- FEM s FEM
400 200 Imperf. 1/133
200 =
E E 100
= 0 <
=]
0
> 200 e
00 -100 |
-600 200 PO = -220kN “\J'/ Buckling Cap.
-800 -300
-0.03 -0.02 -0.01 0 0.01 0.02 0.03 -40 -30 -20 -10 0 10 20
" (rad) Upr (Mm)

Figure6.9. Okazaki et al.’§306 test results (data courtesy of T. Okazaki) versus
FE results of the present study

No notable sign of dynamic overshoot was observed in the experiment or FE results.
This can be attributed to the considered higiellef initial imperfection [/133) for
D EUDFH ZLWK 8 7R VXEVWDQWLDWH WKLV FODLP W

model was reduced to a more reasonable level/i@0) and the analysis was re
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conducted two times: i.e. considering bracegshwmass and without mass.
Comparison of the results presentedFigure 6.10a with those ofFigure 6.10b
reveals that, if the frame with virgin brace specimens dirgxtly subjected to the
highest amplification level, dynamic overshoots of the order of 15% would have
been observed in the buckling load of the braces.

400
300 4 — FEM
200 | Imperf. 1/1000 //\ /
Z 100 -
-
s O - . —\
ao ] \p‘ \r g
-200 A
-300
4 45 5 7
400
300 4 — FEM (Massless Braces)
200 - Imperf. 1/1000 /\ /
z 100 A
4
k) 0 — T \//_A/\ T
o 100 +
’ b
200 1 (b) Buckllng Cap.
-300
4 45 5 55 6 6.5 Vir (Mmils) g (s)
30 690 0.3
20 | — Brace Elongation 460 L 0.2
104 Brace Loading Rate 230 0.1
1S
£ 0 - 0 - 0.0
= -10 - - -230 - -01
> -20 Buckling Instant L -460 -0.2
30 1 () - 690 | -0.3
-40 -920 - -0.4
4 45 5 55 6 6.5 7

Time (s)

Figure6.10. FE results of reanalyzing the shake table test of Okazaki €t38l6]
with an initial imperfection of/1000

Time history ofus,r andvyy, extracted from the FE results, is reporteBigure6.10c.

Considering the blue symbols kigure6.10c, it can be observed that the loading

rates corresponding to buckling instants are much lower than the peak ohlyes

In other words, although rather high loading rates were recorded, buckling of the

brace happened generallyat 8 PPV 5HVXOWY RI D VXSSOHPHQW
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in which the same displacement history was applied within half of the original
duration, demonstrated dynamic overshoots as high as 35% above the static buckling
load.

6.4  Effect of Dynamic Buckling of Braces on Seismic Behavior of CBFs

The results presented Bection6.3 demonstrated thatynamic overshoot in the
compressive capacity of brace members is either reportednie of tle recent
experimental studies or, it would have been observed provided that the experiment
was conducted with slight modifications. Considering the stochastic nature of
earthquakes combined with different possibilities of structural configusati@n
compehensive study is undertaken in this section. The aim is to provide a quantified
insight on the frequency of occurrence as well as the anticipated level of dynamic
overshoot in the compressive capacity of braces during strong seismic events.
Furthermore, lhe effects of such dynamic overshoots on the behavior of CBF systems
and their members are investigated.

6.4.1 Design and Analysis of Archetypes

A total of eight archetype CBF structures were designed considering the plan
geometries of the SAC-&ory and SAC 3story buildings[324]. Plan dimensions

and story heights of the buildings as well as the location and designation of the
archetype CBFs are summarizedrigure6.11. As shown in this figure, Xraced

and \tbraced frames located at the perimeter of the buildings were considered as the
archetype CBFs. For-Wraced frames, chevron (inverted V) bracings were utilized
and for Xbraced frames, conventionatbfacings wereassaimed for the 3tory

CBFs whereas twstory split Xbracings were considered for thestdry CBFs.

Each archetype was designed two times, once as per American (AIS@B1B60
AISC 341[11]], and ASCE T145) and once as per European (Eurocofles3] and
Eurocode §142) provisions in order to cover a wide range of systems with various
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brace slenderness values. The Anariframes were designed &pecialCBFs
whereas the European frameshagtility Class HighCBFs. Beams and columns

were selected from American wide flange sections made of ASTM A992 steel with

a yield stress dfy = 345 MPa while HSS made of ASTM A500 @e® steel Fy =

317 MPa) were considered for braces. For the US designs, the building was assumed
to belong to the seismic design cateddryy according to FEMA P69250, which
representshie highest seismic hazard level wiihs = 1.0 g andS: = 0.6 g.
Accordingly,ag = 0.35 gwith Type C ground was considered as the seismic hazard

in the European designs.
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[Basement 3.6 m] [1% Story 5.4 m] [2" to 9™ Stories 3.9 m] [1% to 3" Stories 3.9 m]

Figure6.11. Plan dimensions and story heights (in meter) for the archetype
buildings (a) Sstory (b) 3story

Selected member sizes for the designed archetype CBFs are presEigecehl12.

The 9story archetypes were previously desigime@hater 5 whereaghe 3story

archetypes were designed using a similar procedure in the podsgiter The
FRORUHG DQG XQGHUOLQHG QXPEHUV LQ WKH ILJXUH
each story which ranges from 40 to 15GHbuld be noted that, aif the bearrto-

column, bracéo-beam, and braem-column connections are pinned. Also; X

bracing members are not connected to each other at thepamis. As shown in
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Figure6.12, each archetype is designateith a twoparted name where the first part
specifies the number of stories as well as the bracing scheme and the second part
shows the utilized design provisiorior instance, “9MJS” is a 9story CBF with

chevron bracings designed as per American pangs

Figure6.12. Selected member sizes for the designed archetype CBFs

Two-dimensional models of the arcippé CBFs were developed in ABAQUS by
adopting thesamemodeling and analysis approachmslined in Chapter5. All
members of the frame and the leaner column were modeled using B2bdeo
beam elements, each having one integration point at thdemgth and five
integration points through the hetgbf the section. A rather small niesize was
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employed with 12, 18, and 8 elements in each brace, beam, and column, respectively.
For each brace member, an initial imperfectionl/@000 was considered. This
amount of imperfection has been previously reggb as a reasonable estimate by
mary other studies such §306, 328 329.

Another immrtant issue in nonlinear ntie history analysis is damping. The
equivalent viscous damping approach using Rayleigh formulation is commonly
adoptedvherethe damping matrixC, is determined as follows:

c oM K (6.7)

whereM andKk DUH WKH PDVV DQG VWLIIQHVYDROGWdJLFHYV U
proportionality factors which require calibration. As discussed in det&kation

5.4.], Deierleinet al.[328 recommend minimizing the stiffnepsoportional part of

damping andrepresentinglamping mostly by the mass proportiocaimponent

This approach reflects thact that the stiffness proportional part of damping is
considered to havihe major sharen producing unrealistic damping forcesich

arereported in a number of previous studi@26, 330, 331]. Consequently, in the
SUHVHQW FKDSWHU WKH P RWss Glibrate@R4udh theseeo LW\ IDF\
GDPSLQJ LQ IUHH YLEUDWLRQ DQDO\VHV RI WKH GHVL
5% in the first mode of vibrationr KH F D O L»Eaot@rd\fahG between 0.3/sec

and 1.0/sec for the investigated archetypes. It is worth noting that the generated
damping forces in the braces were negligible compared to those generated as a result

of dynamic overshootdn order to have aery rough (yet rather consgative)

estimate, consider a very heavy brace with a mass of 1080 &glashpot with its

full masslumped at its end, subjected to an extremely rapid shortening of 3000
mm/sec (seS&ection6.5). The max axial damping force for suchaseconsidering

WKH K Lnf&ckbl/(¢. 1.0/sec) would be (1.0/sed 000 kg x 3 méc=) 3 kN,

which isextremely low compared to the overshfmotes reported in the next section

The reliability of been elements is first validated based on the results of two of the
previously studied cases. For the first case, the theoretical results obteéeeton
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6.2 and presented iRigure6.2 are considered. The same elastic steel rod wit§

120 was modeled with 12 beam elements and subjected to different boundary
velocities. The FE results, depictedrigure6.2 with dotted linesagree well with

the theoretical results. The slight oscillations in the FE results, which are not
observed in the theoretical results, are a caressee of the simplifications which

were considered in the theoretical solution (e.g. neglect of the effiaabinertia).

For the second case, the FE analyses conducted in S&&ionFell's[329 HSSt

3 test were repeated, this time using 12 beam elements along the brace length and
omitting the gusset plates. The resulisesented irFigure 6.5 with dotted lines,
demonstrate that beam elements are also capable of capturing the behavior of brace

members with a reasonable accuracy.

The FE model of each of the eight archetype CBFs eassdubjected to a large set

of 44 farfield and 56 neafield ground motion records presented in FEMA P695
[250. Furthermore, each analysis was conducted two times, considering braces with
mass and massless braces, resulting in a total of 1600 nonlinear time history analyses.
It should be emphasized that, in models with braces witls,nrasddition to the

lumped story masses, the mass of all members, i.e. braces, columns, and beams, was
included whereas in the models with massless braces only the mass of brace
members was set wero and all other masses were retained. The groundmaotio
discussed above were normalized and scaled using the procedure recommended in
FEMA P695[25( to reach the maximum considered earthquake (MCE) spectral

demand of the seismic design categDsyx

6.4.2 Discussion of Results

The results are too voluminous to be presented in everyl.dé¢éaeral local and

global performance indicators are compared for the cases of braces with mass and
massless braces. As representatives, a summary of results fatomg GBFs under
nearfield records and 8tory CBFs under fdfield ground motionss presented in
Figure6.13 andFigure6.14, respectively. In these figurdsol, Poeam Por, br, /ora,
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and © D théimaximumvalues of column axial force, beam axiald®y brace axial

force, brace ductility demand (i.e. brace axial deformation divided by brace axial
yield deformation), brace owif-plane deformation, and interstory drift ratio,
respectively, recorakbduring the analysis. The superscriptMf ‘representshe case

of braces with mass andL” the case with massless braces. Thus, for instance,
PY, WML is the amount of change in the maximum recorded column axial force solely
due to dynamic bucklingf brace members. In each subplot, thin heorial grey

lines span from the minimum to the maximum value of change, thick grey lines cover
the mean + one standard deviation of change, and circles represent the median of the
amount of change recorded foetkarthquake set. FBtol, Pbeam Por, and ur two

sets of lines are plotted at each story level in order to distinguish the amount of
change in tension and compression. In general, the difference in results obtained for
far-field and neaffield records was not very significant regarding the effetts
dynamic buckling of braces on the seismic behavior.

Any change that is recorded in the response due to dynamic buckling of braces is in
fact a consequence of two issueyir{crease in the compressive capacity of brace
members due to the delaying effef the mass, i.e. dynamic overshoot; amnyl (
inertiainduced oscillation in the axial response of brace members. These two effects
are clearly visible in the results presented previouslgeantion6.3 (Figure 6.5d,
Figure6.7a, andFigure6.10a). According to these results, the oscillation occurs only
after the oershoot phase and thin a lower load range compared to the peak
buckling load. Thus, the overshoot is the dominant factor and the-atmvwened

two effects are briefly referred to as “dynamic overshoot” hereafter.

The third row of sulplots inFigure6.13 andFigure6.14 (i.e. P"4 AF'4-) provide an
estimate of the expected level of dynamic overshoot for braces of the studied
archetypes. In these splots, the black circles which lie on the teal line d

P% M- = 1.0 indicate that, there is almost no change in the recorded maximum
tensile force of brace members, due to the inclusion of their mass in the analysis
models. On the other hand, significant dynamic overshoots merved in the
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maximumcompressive force of braces, which range from about 10% to very high

values of the order of 200%. Investigation of the numerical results revealed that,

although the experienced loading rate is also effective, the most dominanttearame
regarding the amowv RI G\QDPLF RYHUVKRRW LV WKH EUDFH VOHQ

levels of overshoots are recorded forrBN, 3X-US, and 3XEU frames which have

the most slender bracdsigure6.12).
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Figure6.13. Results for 3story archetype CBFs under né@id ground motions
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